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CONCEPTIONS» 


Continuity- -Factor.--In any continuous structure, suppose one of its 


under’ the action of external moments (including fixed end moment caused by 

external force); this moment will affect other joints through their connecting 
members. As in Fig. 1, an external moment MA acts on the joint of A of he 
os continuous girder. This moment causes an angle rotation at A(,q). Through | 


the ‘connecting bar AB and BC, joints B and C, have angle changes of 6B and ve 
_ -‘These angle changes produce the joint moment (unbalanced moments) 


Note.—Discussion open until April 1, 1961. Separate discussions should be submitted 
for the individual papers in this symposium, To extend the closing date one month, a 
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_ Because no modification of stiffness i is available in this | paper, it is al 
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It means that we can assume a X to 

aan fixed and a moment that is due to side- -sway. But, for a certain continuous 
_ structure the fixed en end moment of of each ci column is proportional to its K/L 


In the ane analysis, this kind of Mg will be included in the value of Mg that is ae 
to external load. After the is value of X will be 


to ‘moment, distribution will carry over to joint 2 and then. 
back to joint 1. The first carry over back moment is equal to Mfi Kj2 K21. 
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continuous s cture. 


will carry-over to joint 2, this carry-over moment 
in and will ‘carry- -over in span 2- 3. Similar to the derivation of a three span > 
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‘then will carry- -over back to joint 1. 


‘ment of joint 1, therefore is equal to to 


‘In a similar way, can have the second, and third to the nth 
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Derivation cand F,.—Eq. 12(a). indicates that the unbalanced moment of 
any is always” equal fixed end moment ‘its joint rotation- 


wants to compute the unbalanced 
Suppose there is MF2 on joint then we must know Mj, due 


convenience, substitute 0 a for and name it relative joint rotetion- 


ratio. For example, 212 means the rotation-ratio of joint 1 relative to — a 
‘is regarded as fixed, The general equationofa@is 


tional to the rotation- ratio joint, and inversely proportional to that 


of of ‘statically 1 The result is also noted inthe 


_ 
ae joint 1 must be computed first. Thus, assume joint 3 to be fixed. By Eq. 12(b) 2 as: : 
| 
(990) 
| MY = -aoeKoo 3d — 
METHOD OF COMPUTING UNBALANCED MOMENTS wae 
— 
**An Analysis of Suaticaly — 


of the last of Table 1. Te} of the method is present 
in Table 1. Some necessary explanations are as follow 


Line K value is equal to D times C.O.F., but C.O.F. equals 1/2 i in nthis a 
example for all members, therefore, Kequals1/20fD. 
Line (6)-KK ; For example, (KK) ap = KAB KBA = 9. 335 x 0.2 = 0.067; _ 


(7)- Uses ‘Eq. 13 to compute JR. For example, BUR = = 1-0.067- 


Line ( (9) Fc; Uses Eq. 24 to compute Fe equal to -(8)x (5) x 


example, aBFc = x 0,335 x. L133. 353; 


values of F. E. are caused by sway movement, because of (k/L) A E: 


(ec 15: 15: 4.8: 40 


Ae 85 + 17X = (75+15X) - 1.133 , -16,9-3.38K = = (85+17X) (- 


+ 5. 35X=(- 63.75+4.8X) -1. 114,. -3,46+0,26X = (17, 4-1, .31X)- 1. 

(13): Uses Eq. to compute this line as 6.8 - 4.17 x= -(- 20.214 


es This line offers a check. The summation of this line of a certain joint must 
= equal the difference between the MU and Mg of that sid For ex- © 


4 = 101. 63 + 12. 71X - - 15 + 18K 


s that something w was s dropped ‘when me joint 


ree The reason for using “nea rly 
rotation- ratio ‘JR was derived. 


Kips 


ry 


it 
> 


¢ 


= 


— 
q 
— 
— 
— 
6k — 
a 75 tt bai 
— 
ae uting the result of each bar, then solve the variab| yth ia 


oF 


+54 


| 


f 


= 


~ 


8 


how! 
13 


[ot | oot | ot | oot | [ot 
| 


g 


ATEVL 


ole | 4 
#8 
—- — 
me 
— — 
7 3| eZ 


a 


7 


le Sle sl, aia ¢ — 


. 


Multi- Story Frame.—To analyze this kind of Frame (Fig. 8), we must first ae 
. Er ‘compute the story ABCDon the assumption of joint EFGH being fixed, then re ca 
s lease joint EFGHbut regard IJKL as fixed. When we released the joint EFGH, _ 
Bie, must modify the stiffness of bars EA, FB, GF, and HD and compute the carry- a 


. over ere each joint to the other joints. The purpose of these modifica- J 


puted. The method of these modifications i is to compute the end rotation con- ; 
stant of each column. But it will soon be found that a great part of the 
a of computation has been included in the computation of the story ABCD. od rate 
_ When the computation from upper story down to bottom is finished, then the 
carry- over moments from bottom story to the uppermost are computed. 
result is is the | moment plus the carry-o over moment, 


+1, ase + 0, 518 + 0. rT (4) (12) 
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6. 6.308 : 
The procedure of this method coincides pis the sal of t ‘the following tables. 
omputation work of 2) similar in step, to 
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Example 2.—This example (Fig. 7) is selected from the same source as 
that of example 1.4 The computation of Xisasfollows: = 

po2+1.001 
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; ~ Computation of the modified stiffness of columns DA, 
i jl factor is shown in Table 3. When computing k' pa, we e applied unit mo- 
; The e carry- over moment at joint Athus is equal to 0.5. This mo-- 
ment will be used with Table 2 to compute the unbalanced “moment of 
The value in the tables denotes the unbalanced moment due to 


ment at DA. 


= rotation only (excluding the moment due to side This unbalanced 
can be Table 2. . For 
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final of joint Dis to 1 the other joints are equal 


whereas = equals the = in Table 2 = = 6, 308 
The function DA. 
of the bar 


in the example. _ 
equals the final moment of D times the original stiffness 
r DA, the carry- r factor (C.0.F.) from joint D to other is 


-0.116 523 | 


=latBarEB x- 
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0.759x 
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to final moment of other this dived by the final 
ment of D,as 


0. qa. 2), 0. 52 = ins 


es (4) to (9) needs some ee 
"planation. "From joint Dto E, or from E to F there are a paths of carry over, a 
DE and DAE. In this case, the total oe 
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DE = (Ky on Hous) (Kep+k 
= 0.146 1103 = 0.0161. 


i- 120-016) , _a DAE = (1-0,00141- 


ry Because ‘there are two paths: of carry- over pitied joints D and E, there 


are, therefore, two continulty- -factors those two > joints. Thus, 


The of joint D and F in the th line of Line ( Table 4 has two” 
values. Behind each value there is a small letter that denotes the place from 


which the value comes 


For example, 0.1 - - 0, 0064 X is the » Mp that comes — 


MB = pap Fo Mp. Thus, 0.1 - 0,0064X= (1.95 - 0,125 X) 0,051, 


ty Th Table 5 carry- over moments are ‘computed, and the result of cae 


* Line (3) of Table 5 is taken from Table 3, The distributed moment comes 
from meh 4, For example, the distributed moment of joint D, -18.66, e ap 
(15) of Table 4, (-14.7 - 0.34X), in which X = 1.088. 
(4) denotes ‘the of each joint, andis equal to the distributed 
times the C,O.F, as: -9.37 = -18.66 0.502, 1.79 = 5.13; 0.35. and so ge 
Phy (6) is the M" of each bar, For example, - 2.47 = -15.13 0.163, 3.38 
(- 12.15) 0.278. The mM" (of AD equals - ~12. 15 -2. 15.1 4 
ee must be taken that there is ‘no carry- over moment to joint DEF, after ; 
the distribution of the M®" at joints A, B, and C respectively; those carry- over — 
moments were considered when the modified stiffness K" was computed, fede? 


= Line (8) is equal to lines (6) + (7). Line (10) as a result is equal to line 


Example 3.—The main purpose of example (Fig. 8) is to illustrate the 
of carry-over moment between two separate stories, GHI and ABC, 


ae Fe, 74 The upper two stories, ABC and DEF, are the same as example 2 it is not Ss 


necessary to repeat the computation work here, Only the lower half of Table 
_ must | be explained. This part is to carry over the distributed moment of the i 


upper half to joints ABC, Actually, these computations can combine with = 
bes 5, and in practical analysis, Table 5 will be put in the last position, _ aa 
The result of ABC is the carry over moment in Table 8 plus the re- 


CONCLUSIONS 

The great of using continuity - factor, final and the 

a xf ‘. method of computing unbalanced moments to analyze a continuous frame i 
eliminate the of au successive distributions and carry- -over that is 
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TABLE 5. CARRY-OVER MOMENTSAND RESULTS 


Dist. 


TABLE 6,—MODIFIED STIFFNESS AND CARRY-OVER FACTOR 
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OR 


For a “complicated problem such as multi- ‘multi- | ‘one can 
stop the process of analysis anywhere without ending in confusion. Line (13) | 
in Table 2, line (14) in Table 4 and Table 7 are all checking lines, If there is 4 
sake any ‘mistake in the foregoing computation, these lines will indicate a “ae dito 
check and prevent any further computation. 


eral single bents; it becomes, therefore, to solve these with-— 
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iy pi. the ‘computation work i is done. Those necessary memories will be helped - 
Pass the table. One will findout that the table presents a clear working procedure, e 


4, Because small quantities have been en dropped, as the rotation- -ratio Jp 


the solution is therefore, only at an approximate e value, 
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Joint rotation- 


: Relative joint rotation ratio; ee ie ate means the ro 
~ tation ratio of a joint relative to joint B that is considered 
as fixed; 
Continuity - Factor inuity- 


in direction from A to B; and 


: -Counterclockwise moment as positive, ( member as free’ body). 
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CORRECTED DEFLECTION THEORY OF US PENSION BRIDGES | ra 


oo 


paper theory of stiffened bridges that 
Considers several effects neglected in previous theories such as those due all 


tical method of solution, is dealt with. cosa 4 


Notation.—The letter symbols adopted for use in this paper are defined and 

alphabetically, for convenience of reference, in the Appendix. 
_ Definitions.—Truss type stiffening truss and plate girder type stiffening m 

"girder are termed stiffening truss unless otherwise referred to; cable and = 

_ chain will be termed cable unless otherwise referred to; dead load refers to 

loads causing no stress in the stiffening truss; live load refers to loads and 

effects producing stresses in the stiffening truss, such as moving load, tem- 
perature change and that part of dead load that causes stress in the stiffening 
truss; the horizontal component of the tensile force in the cable will be termed = 
cable stress; the term cable stress increment refers to increase in cable stress” Fae. 
5. due to live load; shear refers to vertical component of the resultant force act- 2 
ing on the left-hand side; unloaded position refers to the shape of the bridge | ; 
a when only dead loadacts on it; loaded position refers to the shape of the bridge ms 


: Oe i _ Note,—Discussion open until April 1, 1961. To extend the closing date one month, a ae 
a written request must be filed with the Executive Secretary, ASCE, This paper is part -— 
a of the copyrighted Journal of the Structural Division, Proceedings of the American So- Wa 
ah be of Civil Engineers, Vol, 86, No, ST 11, November, 1960, 
Designing Office UVATERV, Budapest, Hungary. 
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coordinate the pc positive “ and “ point to the 

. and 7 point downwards. Loads are positive when acting downwards, mo- ee 
ment is positive if its rotation is clockwise, and shear force is positive when fr 
Theory.—The first of stiffened bridge developed by 
5 Rankine2 was developed on the assumption that the stiffening truss distributes 
the loads on the cable uniformly. Another method of analysis, the so- called 
_ Elastic Theory, assumes the shape of bridge under dead load and asserts that 
no stress develops in the stiffening truss due to dead load. 


_ The main equation3, 4 of this theory (Fig. 1) for a two- hi 


is to be determined as as , redundant force, as in 

Miller- Breslau) presented a ‘differential equation taking into account the 

effect of vertical displacement uf the ‘The basic differential equation of 


- The cable stress increment is to be determined by equation _ 


When Eqs. d 3, assumptions were ‘made as 


‘The distance between. hangers is so small co compared with that 

hangers 


The deformation of towers” and and hangers, as well | as the of 


% 2 - Extension of cable due to live load and temperature change may be neg- pete? 
lected when analyzing bending moment. 
Bc 6. Deflection of stiffening truss compared with cable ordinates may be neg- 


H. Rode? took into consideration the effect of the horizontal displacement 


2 “The Stiffness of Suspension Sridees,” by S. Timoshenko, Transactions, ASCE, Vol. 
3 he Theory and Practice of Modern Framed Structures,” by Johnson, Bryan, = 
Theorie und Berechnung der Eisernen Briicken,” by F. Bleich, 
5 «Theorie der durch einen Balken versteiften Kette,” by Maller-Breslau, 1881, Zeit- 
a “Theorie der eisernen Bogenbriicken und der Hangebriicken,” by J. Melan, 1888. 
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Atkinson, Southwell8 an and Crosthwaite? simplified cer but 


the accuracy of the result is in doubt. 
‘The Deflection Theory was extended by Moisseiff and Turneaure? to cover 


tm side apne, and generalized by D. B. Steinman10 for continuous tning 


took into consideration the fact that individual ‘not, 


are applied; he also considered the continuity of truss. 


for analyzing bending moment 


EN DEFLECTION AND FORCES 


For determining deflections due to external forces, cable stress increment, a 
and temperature change these relations may be written: 


Relation the of the truss and the forces ac 


increment and temperature change, on the other; and 

, 3. relation between deflection of the cable and the stiffening | truss. 

‘The relations to be developed are equations referring to one panel, car ‘ 
re a a length between two hangers, or verticals. . Therefore, the number of equa- : 


tions for each of the relations mentioned is agen to that of the panels. — 


ia and the deflection and slope of the stiffening truss may be dealt with in much 
same manner as those of the stiffening girder, 
a. this substitution, the systems of ‘equations | will tur into one differential 
_ stress increment have been developed, relations can be found between Mere cable 
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general, the number of hangers is very great, and the lengths of individ- 
tence ore vary amall to the eran The a 

Methods,” by R. J. Atkinson and R. V. Southwell, J. Inst. Civ. Engrs., 
9 “The Corrected Theory of the Stiffened Suspension Bridge,” by Ch. D. Crosthwaite, 
ory for Suspension Bridges,” by D. B. Steinman, 
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increment, on on the one hand, and the deflection of carmen truss under ie 


ELATION BETWEEN THE DEFLECTION OF STIFFENING TRUSS 
slope of a type truss is 
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if the centroidal of the girder is horizontal the flanges. are 
x+ : 


in which the value of Ag is at be determined yy 


_—— the following, the va validity of a similar ellis is ; proved and the value on 4 


is determined the t truss type sti stiffening truss, The 


of a consists is s the effect due the change in 
length of chord members, the other one is to that of web members. Be Ss 
2 chord ‘member, marked a -b, elongates owing to the member force, 5 
This causes deviation in angle at the “principal point” the ordinate 
(Fig. 2). With parallel chord system, this produces 
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The vertical deflection of point k, due to the of diagonal marked 


ich, in case of a type truss 4(a)) 


is to prove for a Pratt truss (Fig. 4 


case of a counter- braced truss (Fig, 


Ke Aq sin28 cos 


n Ea. 16c, effect to the elongation of vertical members is neglected, 
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s not of a chord type, similar but more 
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is moment | of of the stiffening truss. 


difference between ot two succeeding panel points from 


in which z is. the distance from the left-hand panel point. 
Inthe fi following, the bending be e expressed in terms of the shear 
Live loads are supposed to be acting on ein points only. The bending 1 mo-- 
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pears in all the formulas for heading moment as indicated. When i@j it is Si 
term containing ‘produce \ Vj aj and wh when en i=j it itisa term 
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In. case ofa an open- -web-girder- type stiffening truss 
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d Jog is an average moment of inertia chosen at 
the moment of inertia ¢ of a plate- girder- 
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main part of dead load is suspended onthe cable, and the stiffening truss 
is unstressed except by its own weight between two hangers. This latter effect 
is the same | as that of a simple beam, It will be neglected inthe 2 following pro- eH 
cedure, but it can be taken into account by a addition. . This position 
E- | The vertical component of all internal forces in the section crossing er: 


is to the e external left. . So in unloaded 

Hy, t g 
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— ial angles are ( Fig. 


3 The h horizontal distances a aK (Fig. 5) are 
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_ Extension of cable due to Hy increment and to 
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BETWEEN DEFLECTION OF THE 
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Bt Relation between the deflection of stiffening truss and the forces, as well as 
that between cable deflection and forces, and finally that between the deflection 
cable and stiffening truss has been deduced. 
= * wn 27 and 58, being substituted into Eq. 43, the principal system of equa- 
7 tions of stiffened suspension bridges for determining shear forces is as follows 
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ng Eqs. 72, 73, ar _ 74 into Eq. 64 and the result into Eq. 49, vig 
quantities, and substituting for there is obtained the 
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t is the first part of the effect due to the elastic slenithten of hangers. The mo- 


‘This value He +k. (70) 
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yy s. As the effect of * negligible. 
ation of hanger r very long bridges, 


= is s used in in Rode’ s theo it da n we 
is very small, it derives from the of the cable. 


is the third part due to of under cable stress increme! 


7 third term of the right-hand side, that contains Kos is nearly constant. ~ ae 
‘The effect of temperature change does not appear in Eq. 75. The ‘reason 
* for it is that all along the bridge the amount of vertical elongation of the cable i 
and the hangers due totemperature change is constant. The temperature change ig 
= however, a relative settlement of supports affecting the intermediate 
"joints of the stiffening truss, and the relative temperature of cable and fs effect 
cause stresses in the stiffening truss, so careful consideration of this « — 


the vertical deflection of the stiffening truss. This term occurs 
| Deflection Theory, given in Eq. oe ——— 
— 
— 
— 
be substituted. Onthe right-hand side M,' is the shear on a simple beam. 
The term Hy" occurs in the Elastic Theory indicatedin Eq. land 
effect of the elastic elongation of cable under cable stress in- 
— — 
— 
— — 
— 


change distance between anchorage: take tiie 
in cable | the ‘This 1 new distance is 


1 

41 and 76 substituted into give 
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ar a n 


But mostly, e 
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wo terms of preceding are sero. 


Ac, cos” 


the Hy average cable stre 


vem 


Ee 


+p 


‘Me 
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ap? 


— 
Based on Eqs. 46 and48 
— 
q Eqs. 78, 83, 84, 
— AH, E,A,,..... (89) 
— 
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DETERMINATION OF THE LOCAL 
he relative horizontal defle: lefle 


pe 


oak 


= 
— 
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7 
DEFLECTION THEORY 


The relative horizontal of jointkis 
The connection at joint g transmits horizontal forces from the stiffening truss 
to the cable, therefore, no relative horizontal displacement between cable joint 3 
and wr truss arises here. In general, it is in the middle of the main 


The 2 = of han or kk (Fi 5) is 


The component hanger (Fig. 7 


=) 


. (102 


Hy 


As in this equation, the second a: onthe right-hand side is very — ida 
‘pared with Hy; further simplifications are possible. 


2 
‘Thus, Hg may be eubetituted for Mj, 1 may b be taken for” 


2/2 a! a2 is negligible beside Ay and so is An beside Ay. 


The sim lified form, therefore, is 
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For etermination Hy in in Eqs. 


7 Ye 1! 


is 


a 

Ha is taken for | 


am 


"Ee 


Hy - AH, = 


1+ 


i 
ax 


he value of 


Eqs. 89 or 86 and from 90 


con LUSION 


y’ 


A 
A + 
E, A cm 


= 


Acm 


AA is to! be determined or 108. 


= 


the present mat 


hematical and statical treatise, a deflection theory of 
stiffened suspension bridges is developed. Eq. 64 gor enough equations — 


for determining the internal farces developed by vertical In case of 


susp 
— 
| 
— 
I 
— ) ax | — 
— im 
| 
— = i 
— 
turns into a differential equation, Eq.75. = = 


‘This theory ‘is more’ precise ‘than the ones published so covers the 
effects of vertical and horizontal cable deflection as well asthe effects of shear 
force due to the cable and hanger under the change in cable stress 
The horizontal deflection of cable a deviation of hangers: the 
vertical that results in a non- uniformity in cable stress increment tobe com- ery 
_ ‘puted by Eq. 105 or 106 when assuming a suspending screen. eR 2 
Solution of the system of equations of Eq. 64 is very cumbersome, and that = it 


of the differential equation under Eq.75 is not to be found as a tabulated func- Ps 


1947), ‘Professor of Classic Philology at the Hungarian ‘Teachers’ 
a Institute and Corresponding Member of the Hungarian Academy of Sciences Ae: a 
who taught me to like culture and sciences. Gerstie, MJ 

for editing this 


unit of cable; 


oe cable stress increment, sanaey cable stress increases due t 


average value of H; 


= external live load acting on the line of a hanger; 


horizontal component of hanger force; Sey 


= local deviation tn in cable strss increment; 


= bending due to load a 
bending moment at x = 0; - ip 


shear due to dead load on a beam; and 


— 
“a 
| 
The following symbols are adopted for use in th 
— 
— 
AHH = H- 


: DEFLECTION THEORY 


Referring to measurements Length dimension: 


span of stiffening tr truss (Fig. 1); 


distance between cable shoes (Fig. 1 
= = horizontal distance between joints or hangers 


unloaded position | ( Fig. 5); 
= same as a, but in loaded (Fig. 


£ 
distance between two ) adjacent cable joints ‘inunloaded position 


as loaded position (Fig. 5); 2 


ordinate: of cable i in unloaded (Fig. 1 and 


= vertical deflection stiffening due to live load (Fi 


abscissa measured from the left- side Fig. 1) 


ale ‘measured from the left- -side panel — 
= horizontal deflection of cable joint; 


+ eri 


| 


a, _ chorages due to cable stress increment of value unity; em 


= in the horizontal distance between cable anchorages 
due to unit temperature change; an 
= relative deflection Eqs. 58, and61; 
= of a | chord member; ; 


a a and the lower chord. It is the vertical memes of ‘diagonals; ; 
horizontal projection of diagonals; 
horizontal distance cable (or shoes); 
cable constants, and 


— 
— — 
— 
—- | 
AS — 
— . 
— 
— 
— 
— 
— 

— | 
— 


1960 


defined by | either of Eqs 28 and i 


either of Eqs 
= parameter defined by either of Eqs. 28 and 29 


rameter defined by E 31. 


gross area of hanger; a 

gross area of web plate; 
equivalent area =" web p 


1 10 and 16; 


gross area of bottom chord ‘member; 
average area of members chosen | at will; 


ay, 


= gross area of vertical member; | 
moment of inertia of stiffening truss Eq. 


= of ‘diagonal member (Fig. 3); 


= slope of stiffening t truss due to live load (Fig. 8); — —— 
= modulus of elasticity relating to the stiffening truss 
modulus of relating to the cable; 
torsional 


— 
— al — 


‘Referving | to 


refers to point x x =Oor 


refers to section and point k respectively; — 


. refers to section and point ty 
refers i 


; a 


"umber (hanger distances) one span; 

= number of joint g where n not horizontal ital displacement arises; and 4 
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the abscissa of point 
— = refers to point g or to 
— = refers to point x = 
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— 
— 
— 


RESEARCH ON RESISTANCE oF PRESTRESSED CONCRETE 
Hubert Woods! 


of the engineering information : avail able on the f 
crete is of an empirical nature. A science of design for fire. endurance, 
parable tothe existing science of design for mechanical loads, has not yet been 
oe With the strikingly rapid increase in use of prestressed concrete, the need — 
~ for research facilities devoted specifically to concrete became pressing. Such — 
3 facilities have been provided, as described, | in the new Fire Research Center — 
Portland Cement Association (PCA), 
The research p program there comprises two but intimately related 
parts; there are tests with large furnaces and small-scale basic research on 
: properties of concrete and steel at high temperatures. A long range | 
to assist in the development of reliable predictive methods. 
In the lighter prestressed flexural elements, the concrete cover over 
q a steel, and the mass or cross-sectional area are both important to fire car | 


ance. Research in the has resulted in recommendations that take 


written request must be filed with the Executive Secretary, ASCE, This paper is oa 
a i of the copyrighted Journal of the Structural Division, Proceedings of the American o 

ciety of Civil Engineers, Vol. 86, No, ST 11, November, 1960, Sy 

£. 1 Dir. of Research, Portland and Lab., Skokie, 
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November, ae 
present, prestresse members can be designed to 


endurance period. work to be done to achieve the ultimate in 


- faa until recently, considerably advanced over that in the United States. This 
&g is particularly true with respect to investigations on fire resistance of pre- 
stressed concrete. Much of the significant work on this subject has been done 

in Europe, particularly in England and in the Netherlands. Unfortunately, some 

4 code authorities in the United States and either unaware of that work, or seem 

_ unwilling to accept it. A good deal of it is applicable to types of elements a ae 

_ construction used in this country, although some of it is not. 


* Most of the e1 engineering information now available on the fire endurance of 


concrete (prestressed or conventionally reinforced), is of 
purely empirical nature. . This information has been developed over the years 
by relatively few agencies who have commonly found themselves so pressed 


S §€6§3> for commercial fire “ratings” and other “ad hoc” ” information , that little tat 
| and money have been a available for research. In consequence, | there has not" 


be In view of these circumstances, and with the strikingly rapid increase in the 
_use of prestressed concrete structural members in this country, the need for 
fire research facilities in the United devoted 


‘ao in Fig. 2. The frontal two-story wing contains a fundamental research So be 
furnace control and recording equipment, a ‘Shop, and 


centralized in the in Fig. The and control 
equipment in in this iiaeaas can — be be used with any of severalother furnaces to be 


Prestressed concrete was well known and widely used in Europe longbefore 
it had any considerable use in the United States. It is therefore natural that Mi . a4 
a 
| 
| 
ing science of design for mechanical loads 
 _gociation, in 1957, started construction of a unique fire research laboratory _ 
his has a lirepox ong an 4 in. wide. Ihe furnace 18 provided with il 
outboard hydraulic hold-down systems at the ends, for use in studies of the ef- : Pay 
of continuity, and when so used can accommodate beams 60 ft long. Live 
m load is applied by other hydraulic cylinders atthe top. The furnace is gas fired, — we 
and can be programmed to follow various time-temperature 
control functions and all recording of temperatur 
At | 
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FURNACE ROOM 
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“FLOOR PLAN 


OF THE FIRE RESEARCH 
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‘FIRE STANCE 


provision of means for applying k amounts of edge restraint and 
EDG 


; — of edge restraint, if any, to be applied to floor or roof sections pnd 2 
_ test. It merely says, in effect, that if the assembly to be tested represents alt 
form of construction that restrains structural elements, then that assembly — 


will be surrounded by arestraining frame that simulates such restraint. eS 
ever, there seems to be no information as to how much we restraint is peg iF 


surround them witha very heavy steel restraining frame, ‘resulting ina 

but unknown restraint. The specific effect of this restraint upon the observed 
fire cniernnee of elements under test is not known, but could be highly signifi- 

cant. was this consideration that led to the provision of hydraulic edge r re- 


FIRE TEST OF A ‘BEAM 
cad The beam furnace (Fig. 3) has been in use for some months. ‘The first beam | 
gan tested w was S aheavy duty prestressed bridge beam 43° ft 6 i in. long. This beam 


in. diam harped strands are indicated inthe shaded zone. . In the it was 
loaded with a 92,000 lbdesign load distributed equally over eight equally-spaced miss 
points, and subjected to the standard ASTM firing schedule shown in Fig. 6. rie 
_ After firing for 4 hr 31 min at which time the furnace temperature was 2050° it 

fire was shut off, principally because there was no reason for continuing 

= it further. The beam was still intact and carrying full load. Initial deflection 
_ due to deadand live loads before firing was 0.3 in. When the firing was stopped, — 
“the deflection was 6.35 in. Twenty - -four hours later it was 5. 25 in. A close- -up 

rs view of the beam after test, but still in the furnace, | is shown in ‘Fig. 7. - This 
os ig shows that a small amount of concrete had spalled off the lower corners, ex- 
on, ‘posing one of the strands. The vertical pipe near the center is one ofa number — 
of thermocouple tubes used in furnace control. 


e tub 


4 In view of the excellent fire endurance of this beam, it was subsequently b> re 
; jected to an ultimate structural load test to determine the beam’s residual 
—. The beam failed at a total live load of 117 ,700 Ib distributed | over (12 


provided. One of these addit on, is a floor fur- 
— 
edge restraint would depend greatly upon the nature and size of the building in 
which it is located, and on its specific position in the building. 
tm 
straint means, in the floor turnace described, so that the matter can De inves- 
— 
— 
a4 
the largest so farto be tested for fire endurance. A cross-section ofthis beam 
— 
— 
— 
= 
— 


Center ‘deflection at failure, due to fire test and application load, 


remarkable of this no doubt on its” 
aa mass, and hence its capacity for absorbing heat. Research in this country — 
y and abroad has shown that the mass or cross- -sectional area of beams, and the fe 
~~ amount of cover over steel strands, are both of great importance: to their fire pu 


: 


directly : caaianaabas for failure of the element. In the Netherlands, — 
dations which take both factors into account are Perr and are wotias 


: a 2 Adapted from“Fire Tests of Prestressed Concrete Beams,” Commissie Voor Uti- | 


voering van Research ...C.U.R., Rapport 13, Netherlands, January, 1958, In Dutch, § 
Be, 3 “Steel Wire for Prestressed Concrete,” by W. O. Everling, presented at First Na- 
Concrete Short Course, St. Fla., October, 1955. 


— 
 & MASS AND COVER. — 
| | 
— 
ffect the rate of heating of the p — 
~ = simple; both a 
— 


aA the POCO properties of currently used prestressing steel as influenced iy 
by elevated temperature. Fig. 9 (a) shows the lowered strength as temperature 
is raised, the strength being reduced by 50% at about 105° F. Fig. 9(b) shows 
} the elongation, or creep, of the wire during one hour at the indicated tempera-_ Le 
tures when the stress is maintained at 50% of original ultimate strength. Inad-— q 
dition to the effects of temperature onstrength andcreep of high tensile strength 
wires, it has been observed mar the modulus of elasticity decreases with tem- = 


1€ modulus may be ee its value at room | 


|, 


ally loss of prestress at a wire temperature of about 00" F, 
the wire strength is still about half that at room temperature. 


_ PREDICTION OF FIRE ENDURANCE 
g es an analytical point of view, the problem of predicting the fire endur- 
ance a prestressed concrete element resolves itself, in first place, into 


— 


. that of predicting the t time psienmede for the prestressing wires or cables to 

the critical temperature of 800° F. If the temperature of the gases to which the 
A element is $s exposed were known, as well as the surface coefficient of heat trans- 


then it might appear that a solution could had using mathem natical 


worked out for heat flow. surface coefficients are not 


tie, 


exposed to high ne 


, is bi-directional rather than uni-directional; and if the beam does not nave 
ae regular cross section, further difficulties of a geometric nature will be met. 


FOR BASIC RESEARCH 


grown With present standard methods, such work is very 


— 
— 
— 
— 
but nso the simplest practical case is not simple 
can, therefore, be seen that even the ith bottom and — 
— 
— 
— Se ods and materials playing = 


ance and (2) reliable small-scale methods for fire testing to confirm predictions — 
P pe and substitute, at least in part, for the costly full-scale testing now required. a &§ 
a It is not to be expected that such developments will completely eliminate the > 4 
need for full-scale tests, but they will minimize the need for them. 
Bh _ Some progress has been made; Clarke4, 5 has applied heat- -flow principles 
to slabs and d other geometric shapes with some degree of success. Robertson 
and Gross” and Lawson and McGuire‘ have used electric network analogs - 
which voltage represents temperature, electrical resistance represents thermal re 
— resistivity, electrical Capacitance represents heat capacity, and so on. The 
oa use of physical models suggests itself. This is a powerful approach that ' will - 
A eventually contribute greatly toa reduction of time and cost in research and in 
the ‘engineering estimation of fire endurance. However, “scaling” laws have not 
been developed to the | point of — in their application, and, indeed, are 


TABLE 1, —RECOMMENDED COVER AND CROSS- SECTIONAL . AREA FOR 
PRESTRESSED CONCRETE BEAMS FOR VARIOUS FIRE ENDURANCE PERIODS. 


@urance time, we 

inh hours urs 


0.8 
ca 


to save time cost in the effect of certain variables and in 
gaining a better understanding of the heating process, even pt the results: ff 


Theat attention of investigators over the worldis being focused on ‘the adequacy as 


- and realism of current methods of testing and specifying the fire endurance of 


building elements. Several specific points are at issue. 


_ The Estimation of the Fire Endurance of Floors, Columns, and Beams,” by J. H. on 
- Clarke, Technical Record No, B.S, 44/153/1/226, unpublished report, Experimental Bldg. 
Sta,, Commonwealth of Australia, June, 1958.00 
5 “Method of Assessing Probable Fire Endurance of Load- 
H. Clarke, Journal ACI, Vol. 31, No. 12, June, 1960, p, 1223, 
6 Electrical Analog Method for Transcient Heat - Flow Analysis, by ALF, Robert- 
cx ee Daniel Gross, Journal of Research, N. B. S., Vol. 61, No, 2 , August, 1958, pp. 
-. tied “The Solution of Transcient Heat Flow Problems by Analogous Electric Networks, 
D. I, Lawson and J.H. Inst. Mech, Engr. As 167, 1952, p. 278, 
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— alresearch in 
needs are (1) acceptably reliable analytical solutions for predicting fire endur- 
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Fire Severity.— ASTM time- (Fig. 6), that 
ss is in use in many countries, , requires a continuously rising temperature upto | 
< eight hours. This is not at all characteristic of the great majority of fires in % J 


“This dive: in which the to decline well before eight: ‘hours. 


materials. In such cases, the only fuel available to sustain a fire is the com- 
bustible ma material stored inthe building, , and the quantity of such. material ranges 
from very little, in some occupancies, up to a maximum in others. The — 
: nt of the nature of the occupancy of the —s 


cue Per en 


After one 
50% of ultimat 


Per cent Elongation 


that is, the a amount of combustible material, or fuel, that is, or may tie. present. , 
a Early consideration should be given to a change in the testing procedure by 
adopting a “fire- load exposure” or Limited heat input, in place of the present 
Criteria of —(1) At present, a floor construction undergoing -astan- 
= fire test is deemed to have failedif it collapses, if holes or cracks develop _ - 
_ in it o it ofa size to pass sufficient flame or hot | gas to ignite cotton waste, or if the 
face the face ay away from the fire) increases in temperature 


SOF PRESTRESSING STEEL AT ELEVATED TEMPERATURES, 


= 
‘ly marked in buildings constructed of noncor j 
— 
— 
— 
— 
— 
— 
— — 
a 
4 


FIRE RESISTANCE 
70° F, sow when the temperature of the unexposed taco 320° ‘*F, for ex- 
ample, the fire endurance period is ; deemed to have ended. This limitation is a 
imposed withthe thought of preventing spread of fire by ignition of combustibles — 
stored on a floor under which there is a fire. However, the requirement is un- E 
realistic and unnecessarily severe, , and thus arbitrarily penalizes certain con- 
structions. A British fire authority has stated privately that, in investigations ee 
of thousands of fires in London, no case of ignition and fire ‘Spread from tem-— : 
rise of the unexposed surface was uncovered. 
_ (2) There is at present no generally accepted criterion of failure of a beam 
in a fire test other than failure to sustain the design load. Does this mean a 


4 
= several in ‘the United States and Canada, in dren the Netherlands, 
= Japan, and Australia are active in fire research and fire testing. Some 


cussed and are significant work on t 
The current of research at the new of the two 


: and concrete materials at elevated temperatures; of importance in this con- g 
- nection are thermal properties and elastic properties. . Knowledge of such | prop- 
erties will be essential in model studies andin contributing to the improvement © 
of analytical approaches for predicting performance of structural concrete ele- a 
7 ments. It isalso required in arriving ata better understanding of some aspects 


CF, 
of the observed behavior of concrete elements’ ‘subjected to fire, such as the aie 


ae = At present, work in large scale fire research is concerned with flexural - 


investigated: 
ptt 


Effect of concrete thickness over 


¥ 

of aggregate type and condition of concrete at time 


are sand and for half the beams and expanded shale 


— 
— 
* 
— 
— 
; 
erhaps by a limiting deflection stated interms of the span. § 
— 
— 
— 
a5 
— 
ar — 
4 — 


will include gravel, crushed and natural 
 gand, expanded shale, clay, or slate, and slag. Two moisture contents will be 
employed: that corresponding to the present 70% relative humidity recom- a 
mended ASTM Committee E-5, and that corresponding to. 50% relative hu- 


: 


ae a It may b be observed that prestressed concrete 


oe shown by work already carried out by other investigators and exemplified in 
‘Table It is, however, evident that to approach the ultimate in 
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UCTURAL ANALYSIS 


S¥NO 


aie members to permit a general interpretation of the function ore 
called “virtual displacement” and is applied tothe determination of deflections | 


in elastic, viscoelastic, and elastic- reed structures, and to the problem of of nobel 


INTRODUCTION 


Although it is true that the principle of virtual work is discussed and ap- - 


“plied in almost any modern textbook on structural analysis, even the best deri- . 4 


. - vations are, probably for reasons of expediency, too restrictive to bring out 


the generality of this powerful idea. The principalaim of this paper is to pre- 
sent a fairly rigorous and general derivation applicable to plane structures eR 
of straight members and one that includes, as special cases, the 

various known applications as well as a few that are believed to be new. © i a 

‘It is to be emphasized that many of the points that are brought out in 1 this 
paper (more clearly and consistently, it is hoped, than would be possible with 


: ic > more restrictive interpretation of the “ “virtual displacement”) are w wellknown. 


The determination of elastic displacements is treated in any elementary text. 
The fact may be in of the for de- 
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 flectio 
many places. Structures of material with non-linear pre 
casi have been treated, 6,7,8 and the use of virtual displacements that violate ie 


a of symmetry and loaded by transverse forces acting in this plane (see Fig. 1). 
The equilibrium ae relating bending moment and load 1 for any | semen! is 


“inwhich primes s denote diffe 

of ‘materials convention is used. both sides of Eq. 1 are multiplied 

an function a and over the length of the beam, one 


When n no biienimaaaals force acts between A and B, the shear diagram V(x) is a 


may be integrated by parts to give 


a by parts directly from A to B. Allowing, however, for the possibility of 


ad t t x) at x = xg Such that ash bee wi 


were also continuous, the integral onthe right hand side of Eq. 4 could be inte- i a 


Elementary ” by J. B. Wilbur and C, H. Norris, McGraw- Hill 
Book Co., Inc., New York, 1948, p. 433, 
_ rk “Note on the Calculation of Deflections of Indeterminate Structures,” by B.A. Boley o 
= and R. H. Moore, Journal of Aeronautical Science, August, 1950, pp, 526-527 "CR aa 
x _ 4€The Analysis of Structures,” *by N.J. Hoff, John Wiley & Sons, New York, 1956, p. - 
‘5 Nac Energy Theory,” by Van den Broek, John Wiley & Sons, New York, (1942, — 
aircraft by D. J. Perry, McGrew-Hill Book Co., Inc., New York, 195 
_ 8 “The of a Indeterminate Pinjointed of 
_ Which Does Not Follow Hooke’s Law,” by A. Ylinen and A. Eskola, Preliminary Publica- 
tion, Internatl, Assoc, of Bridge and Struct, Engrg., Stockholm, 1960, pp. 167-176. 
___ 9*The Plastic Methods of Structural Analysis,” ” by B. G, Neal, John Wiley & Sons a 
7 
10 “Plastic P. G, Hode, McGraw- ‘Hill Book Co., 
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ion by parts must be > Split up at 


Since the functions n "(x) and M(x) are continuous within the limits of each 


the definition of Eq. 7 
vor =f Mn + Mar Mp n (B) + MGs) 


and substituting ‘1 Eq. 4 2 becomes — 


ne 


a 


function of x x and need not be a displacement 
on the left and right hand side of Eq. 8 are called the virtual work done by ex-— 
ie is ternal and internal forces, respectively (although in general, they have abso- 

 lutely nothing to do with the concept of real mechanical work). that bis 
¥ is in a sense ‘opposite to the virtual relative 1 rotation, Oa 


“displacement” is not necessarily related to the equilibrium sys- 
tem Ww, M, Te or the ‘structure they act on in any way. _ Therefore, Eq. ‘8 could 


jog GENERALIZATION OFI DERIVATION 

of presentation, a number of unnecessary were 
- posed in the derivation of the previous section that may now be relaxed. ics 
Downward Load P ‘Acting « at x= Xp: integrating the 


M 


lett 6 cannot integrated by parts across X = X¢- Split- 


iii 
— | 
| 
| 
is a statement of the principle of virtual work. 
ual work. The function is usu- — 
— 
fit 
— 
— 
any 1/2 multipliers. IBY Principic. Nore wie natura: 
the pho. n(x) does not necessarily satisfy any rar... 
a 2 ection of the structure acted on by W. Both the su = fe ce 

|. 
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a VIRTUAL WORK 


there, another term W will be to the lett hand 


Discontinuity In At x 


if os ‘then the integration by parts of Eq. 4 would have to be split at x = =Xq and an * igs 

additional term appears on the right hand side of Eq. 8; 


says that the total virtual work done by external forces equals the total virtual 
_ work done by internal forces. This isa conclusion, not an assumption. It —_ Es 
to be emphasized that the theorem, as here | derived, deals with all external 
forces including reactions, , and that the virtual “displacements” are to 
- interpreted as in the section dealing with restricted derivation for: a ae. m 
APPLICATION TO DETERMINING DEFLECTIONS 
_ General.—If it is desired to find the value of a function n(x), (that may be ; 
= deflection, a velocity, the Laplace transform of | a deflection, and so on) at a 
x = of a structure 5 loaded with external loads ' W producing a bending mo- — ca 
" ment M and shear V, then n(x) is considered the virtual displacement in “= a a 
_ junction with the external force system that results from the application of a ¥ ! 
unit concentrated load at the section x = xX of a structure S, that is usually 
en the same as s, if is statically determinate. If is indeterminate, 
_ however, S is usually chosen as a Statically determinate structure obtained | 
_ from s by relaxing constraints, so that the reactions due to the unit load do no 
3 tual work with respect to _the virtual displacement n(x’, unless there is a < } 
k own support settlement in S. Letting M(x) be the bending moment diagram 
for S acted upon by the unit load, Eq. 8, with the additions previously noted, : a7 


form for ‘simple materials and loading, or lige methods for more be 
¥ ie complicated cases. If it is desired to find n'(x) instead of n(x), a unit concen- 
. Bsr trated couple is applied at x in S, and Eq. 13 with n' replacing 7 holds. BEER int 
__, Linearly Elastic Structures. —lf it is desired to find the displacement y(x) 


5 may be taken as in Fig. 2(b). If deflections due to shear are neglected, and ‘ 
‘no oxist Ap} for the consideration of 


iF 
— 
4 3 
ihe 
— 
— 
— & 
= 
— 
— 
/ 
— 
— ee in which the integration is to be performed over the - 
_tuting the appropriate relation between 7" and M, corresponding to the stress 
—— = strain relation of the material of structure S, and then expressing M and M as v4 ~~ 
yl 
— 
= 
— 


It is to be sai that M is the statically éellieinene bending moment of struc - 


be performed from A to E. 
If, in addition, it is desired to find the rotation ; at D, t then either structure 
: S of Fig. 2 could be used again with a unit couple at D instead of a unit load at 
x or a new structure S, shown in | Fig. 3 could be used. Noting that My(0) = - x x 
does virtual work with to the rotation in S at D, Eq. 8 gives, upon sub- 


rom which y" y"(0) is is obtained, if -y(R) has b been n previously computed u using Eq. 15. : 
In some cases, it may be desirable to compute deflections or rotations with 
-_ respect to some line other than the original line of the member. This is done oz 
oy choosing virtual displacements with respect to the desired line. H the — 
line 


| 


seen from Eq. — 


7 Ee ture S must be chosen such that its reactions do no virtual work with respect 


the relationship’ is not affected by this change, but the respect 


ture S. If S had been chosen identical with S, then two statically indeterminate 
analyses would have been and the integration would have to 


} 


a Suppose, for instance, it is desired to find the deflection with ‘respect tot the al E: 


2 Fig. 4(a) and acted upon by a concentrated load P at C producing a moment _ 
< = Then ays is the deflection with respect to AC' Seer if S is chosen, as ood 


— 
4 

— 
g 
4 
— 4 
then the virtual displacements are chosenaS = 

a 

4 

ma readily seen tha ‘ iv - 
It y be dily seen that Eq. 21 g es the same result as direct applica- 
tion of the conjugate beam method to this problem. The integral in Eq. 21 
equals the bending moment at X in “conjugate beam” S loaded by a distributed q 
M/E I. Similarly, the rotation with respect to the chord line AC, 
stained from virtual work aS = | 


7 


wer 


~~ 


— 
— 


moment diagram for S loaded with a unit concentrated 


% ie Linear Maxwell Material.—If the function n(x) is considered to be the ve- a 

: locity v(x) of a structure S composed of a linear Maxwell material, then - 
— : velocity at a section X of S is obtained by substituting the Maxwell ‘relationship a3 


M+ 
3 


Consider, f for a beam of nen section acted on by 
> uniform load decaying exponentially with time. If it is desired to find the - a 
Ce aay velocity at the free end as a function of time, the structures S and S and their 
"respective loadings are chosen as shown in Figs. 5(a) and 5(b). Then substi- bh 


1" 
e 


ection du to 
| wort 


in r is the time. with. re- 
spect to time, aseuming zero initial aetiection to bo sides sides (of $1, 
Laplace transform of y", is obtained as 


Laplace t: of the bending in S. n(x) 
sent — the transform of displacement at x = = ¥ of a Kelvin at 


| 
a 
— 
in which M is th 


S+A 


nd into. 33, for x= =0 and integrating results ¥ 


Fora general linear viscoelastic body, detined the elation 


which P and Q are re arbitrary linear ditterential in time, a) an 1 iden- 
tesa application of Laplace transformation will yield an expression for the — 


transform Eq. 23 governing the Maxwell body of the is 


Eq. 38 is substituted into Eq. 13, of 


ully plastic moment. 4 


b 


4 As (Pies. Sa) ant 5(b)).. aa 
— itutit Eqs. 34 a — 
— 
— 
— 
n of width b and depth 2h. ‘The 

we 


particular, ‘let “it be re to find the rotation at the free. end of a 
cantilever be beam acted upon by a concentrated downward force P = - 5 My /41- 
that end. _The appropriate structures S ands are shown in F Fig. 7. 
Mes +1 and M = 5 My x/41is shown diagramatically in Fig. 8. yi Bis ae ar 
‘Referring to Eqs. Eq. 38 becomes, for the moments of 


end is as 


=0. 1.634 | Ky 


instance in 1 applying ‘slope deflection ‘equations | in elastic oak or in aie 
= ing the lower bound theorem in plastic analysis) to obtain equilibrium relations 
Ya relating external loads and particular internal moments with no other internal a 
resultants ; _ appearing. This is often done by applying the equations ‘of 
ss Statics directly to various free bodies and eliminating from these the undesired if 
‘Shears and thrusts. By choosing virtual displacements (consisting of straight 
lines that violate the slope continuity constraints at the sections in which perti-— = 
ent moments act that violate no other these equations are 


It is. to be noted that the sign on the right hand side of Eq. 41 will eps de- -S 

Consider, as an illustrative example, , the rigid int in 

ok Me - ‘Fig. 9. _ Suppose it is desired to obtain all equilibrium equations relating end 


a 


‘pletely specify the moment diagram must consist of straight 
: the structure is statically indeterminate to the ninth degree, two such a 
librium equations must exist. _ These may be obtained by assuming as virtual dj 
displacements any two independent “sidesway mechanisms, such as, those 
Applying Eq. 47 to Mech. I, using the usual slope-deflection sign convention | 


_ that makes a moment positive if it acts clockwise onthe end of a member, and 
then dividing through by 6, 


ote 


eeVIRTUALWORK 
— 
— 
3 
4 into Eq. 39. with replaced by the rotation at the free 
4 | 
— 
MmOMents and CALer nal loads those INVOLVIng Onl Olnt 
— 
— 
“= 
— 
Gt Mc F) (48) 


desired shenee. In this particular example, it would have been as easy to apply 
the — of statics 8 directly, wat for gabled frames or frames with —_— 


| 


‘columns, , application c of virtual work is the most efficient for ‘obtai - 


It is to be emphasized that application of the m method requires: the use of © 

‘virtual displacements that violate 


Multiplying both sides of Eq. 


Vid 
integration by parts | 
= If the left and right hand _— of Eq. 8 are added to the left and right hand . 
ya side of Eq. 52, a principle applicable to the computation of deflections includ-_ 
ing the effect of thrust is obtained. The function u may be handled with the 
same freedom as the in a direction of joint i i an 


— 
S act on the cam of Fig. 1, the q 
— 
es 


“VIRTUAL WORK 


in in which §S is a a statically truss fromS by 


reactions or a combination of them, and loaded at joint i ” a unit load in the | 


re. 


__-'m direction (so that its reactions do no virtual work with respect to the - 


nes 


If the effect of shear or temperature gradients is te to be included in the 


in wh whichk is anumerical factor ¢ depending onthe cross section, A is the cross- 
es = area, and G is the shear modulus. If no concentrated forces act, Eq. e 


— 
— 
— 
| 
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is — 
— 
— 
— 
— 
— 
— 
— 
, if a linear te f 
thereat expansion, 2h is th to Eq. 13, thermal 
@ is the coefficient ent. By substituting Eq. 55 into | 
— ions will be included. deflections due to sh hear alone is 
deflection stic deflecti the slope caused by shea: 
— s. Assum 
etther of two ways 
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may differentiated combined with the expre 
‘flexure alone to | giv : 


EI 


y' Gp) AG” 
the more general form of Eq. 


substituting Eq. 60 for 6g, the deflection is obtained 


limiting case of a distributed load. 
‘The more familiar expression for. elastic due to may 
~ obtained by not differentiating the right hand side of Eq. 4 by parts. _ Then the ay 
ex ression for becomes, insteadof Eq.13, 


4 Substituting Eq. 56 into Eq. 63, the deflection due t to shear alone is is obtained as 


= Ig 


% if - writer for a long time is responsible for his awareness of the e possibility 
of generalizing t the > interpretation o of the virtual 


ST 
ssionfor 
* If, however, a cc k = Xp, then, since V is — 4 q ee 
he 
— 
— — 
The write fully and critically 
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“five and ten girders interconnected by a reinforced concrete slab ee 


= which confirmation of certain assumptions made in the design of a pro- 
totype bridge was sought. Comparisons between actual and theoretical be 
havior are made and the effect of skew angle of the bridge and torsional stif- Fs 
_— ‘fness of the griders is assessed. The work brought to light the fact that the 
— planes of the girders are neither coplanar nor Stationary: and an attempt © 


4 is made to explain this phenomenon, ‘particularly from the point of view of in- -— 


Siena the experimental work was aimed at providing an assessment of | 
.. e assumptions made with regard to distribution of loads and the effect of a 30° 

_ skew angle ona ten girder, 130-ft composite steel girder and concrete deck — 
bridge span. Following the examination of the first model, two additional “ano 


_ were tested in which all properties w were e retained except that in the second model 
tor 50%, and in thethird model 


— distributed longitudinal forces in the _ which undoubtedly occur in 


ye, = request must be filed with the " Executive Secretary, ASCE, This paper is eect 
of the copyrighted Journal of the Strucutral Division, Proceedings of the American 7): 


of Civil Engineers, Vol. 86, No. ST 11, November, 1960, 
Senior Lecturer in Civ. The Univ, of Western Australia, Nedlands, 


.. POSITE CIRDER-SLABSYSTEMS 
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LOADING FRAME WITH SKEW- ee 


| 

— 

eee 


Br the span was not t skewed. From each of these main models, two 5-girder sys- 


tems, cracked and uncracked, were obtained cutting the former their 


‘a LOAD DISTRIBUTION 


first appear, in ‘the illustrations | or in the text, and are 


AS 


~. 


FIG, 3.—MODEL AFTER CENTRAL ‘LONGITUDINAL CUT 
models. _ Limitations of laboratory space and finance dictated the | scale of plan 


dimensions while the: vertical scale was governed by what was considered 
a reasonable minimum slab thickness (14 in.). The scales chosen were 1/10 of — 


_ Shear connectors were not scaled down from the prototype but were designed — 
specifically for the attendant effects as developed i in the models. Channel- % ef 

section connectors were employed and proportioned according to the theory of 

Viest and Siess? (Figs. 1 through 6). Clamping devices were provided whereby 

ae a the ends of the “ene were held down onto the bearings to pr event —s afl 


for plan dimensions and 1/6 of prototype in elevation. 


ign 
"Vest and C, P, Siess, Public Roads, Vol, 28, No. 1, April, 1954 


 &§ curring in the prototype, along the length of its girders, were used inthe = 
im 
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a a 
4 
- ¢ a _ 1 shows the loading frame that allowed transverse and longitudinal movement __ ‘ie 
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EXPERIMENTAL TECHNIQUE AND ) INSTRUMENTATION 
: re measured by electric-resistance strain gages (SR 4) of the 
‘pened wire type. A total of 78 gage stations were present in each model. oy 
These gage stations were selected to permit the construction of a compre 
~~ series of influence surfaces of strain and, in addition, some gages ala 
: = on the webs of selected girders to provide information as to the pro- ‘ 


gressive position of the neutral planes of the girders during the test. (Fig. 7) — 
Manipulation of the gages conformed to the methods described by Hondros.4 ‘ 
_ ‘The gages were connected through a suitable switch box in groups of twelve to 
4 multichannel D. C. bridge. Notwithstanding calibration of the electric re- al 
sistance gages (gage factor check), mechanical gages were used to confirm the — 
strain readings at ‘selected points from time totime - Deflections were 
ea measured by dial gages (Ames type; 0.0001 in. per r division) r mounted under each | e 
girder at the appropriate point. Loads were applied by hydraulic jacks through es 
eg proving rings, Fig. 1, for accurate load measurement, except in the tests to 2 
‘failure when measurements were made by 


a 


A modular- ey of of 10: was the Live-load design design of the composite 


beam of the prototype. Accordingly, it was necessary for the elastic properties — 
of the concrete of the model to conform to this requirement. In the absence of 


am crete, had beenachieved. Three independent methods were employed to measure 

Ec (indirectly via specimens); the electrodynamic, the Brazilian and by em- 

_ bedding gages at the “heart” of a 6 in. cube compressive specimen. As was to 
be expected, the cube. specimens, wherein load and strain distributions are 
determinate and variable, gave rather erratic results. Generally, between 
: om and working stress, E, on the cube was impossibly high but above this limit, — ae 
ae: Ee tended to be constant and agreed with the results of the electrodynamictest. Jf 
zy At about three times working stress, E,, began to fall as plastic ehieeantion 
-—s«y get in. The Brazilian and electrodynamic methods agreed and gave constant 
values of E¢, which, in the case of the former, remained so to failure. The high ane 
value of Ee at low stresses is thought to be due to the establishment of non- | 
uniform states of stress in the cube and, consequently, different rates of strain ‘ 


 4The Protection and Manipulation of Electric-Resistance Strain Gauges of the Bond- 
= Type for Use in Concrete, particularly for Internal Strain Measurement,” by G, 
Hondros, Magazine of Concrete Research, London, Vol. 9, No. 27, iJ 
on g “Methods of Testing Concrete,” British Standard No. 1881, 1952, _ ia 
ss “The Evaluation of Poissons Ratio and the Modulus of Materials of : a ew Tensile 
_ Resistance by the Brazilian (Indirect Tensile) Test with Particular Reference to Con- 
crete,” G, Hendrea, Australian of Science, Vol. 10, No. 3, 
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LOAD DISTRIBUTION 
The ultimate 28- -day strength o of 6 in. cube test ppectanees take from the 
concrete of the slabs was in the range 3,000 to 4 ,000 a 


| 


g = beams, provided with suitable temporary lateral bracing, were tested 
individually. Principally, these tests were meant tocheck the degree of agree- 
ment in the beams’ behavior compared to the theoretical, that is, to prove that Mi 

stiffness of the beams with the computed value. 


oe the top flange which was introduced to indanie lateral instability. Strains 2 

deflections were observed during several load increments. 

Loading. —A load of 4 tons was selected and this was applied to the model at 


TABLE —TEN GIRDER MODEL—UNCRACKED 


3/8 span 3 Bottom flange only 
Center-line = | Centerline and1/4 span 
y well as at mid-span. The load on nie. cantilevered sections of the slab beyond : 
the edge beams: was reduced t to > afigure th wate avoided the possibility of of damaging» 


: or Strain | Gages. —Gages were attached to the lower and top flanges of the beams © 
_ and to the concrete surface at the center and one-quarter lines (Fig. | 7). ie 
_ Dial Indicators.—Deflection observations were taken at the center and quarter 
. lines on the underside of the girders by Ames dialindicators.§ 
_ Test Sequence. —Generally, positions on the slab at which the load was ap- 
_ plied and points where strain measurements were recorded, as well as test a 


details, comormed to the the uses indicated in Table 1 for the ten Rae model 


: between the edge beam and the center line, was systematically and extensively — 

; cracked between the girders in an attempt to simulate the effect of oi 7 
- eracking of a bridge slab in ‘service. Exactly one half the model was treated a 
’ this ° way for the following reasons: (1) This would give a reasonable assess- = 
= of the effect of cracking provided loading was confined tothe cracked side. a 
_ The remote, stiffer, uncracked half does not have a great deal of effect. (2 = = 

By cutting the ten girder it was desired 
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of ten girder-cracked model loads were applied and effects measured as indi- 
cated in Table 2. At the end of this test, the ten girder model was cut sal 
“its longitudinal center line into cracked and uncracked halves. This was done > 
by using aelectric hammer to sever the concrete, heavy-duty wire cutters _ r 
_used for the steel. A reasonably neat cut was obtained (Fig.3),  —=™S 
‘For the five girder model uncracked, 1 loads were placed at girder 
across the center line and one quarter span. Strains in the bottom flanges and 
the beam deflections were observedat the center line and the onequarter span. 
For the five girder model - cracked, the test sequence was similar to that 


_of the five girder - uncracked case. However, in addition, attempts were inde 


| 


; met In the test on the single - composite beam, one edge beam together \ with its 


AND ANALYSIS 


ee Center line and 1/4 span > Center line and 1/4 en 


Center line and 1/4 span | Center line and 1/4) span 


3 and some lateral movement was observed both in the top flange and in the il ‘i 
_ between stiffeners. The beams behaved elastically and identical readings were 

uF — for repetitive loading for top flange stresses up to 20, 000 psi. How- 3 . 


tiy> _ These departures from theory were thought to be due to buckling of the a ? 


: and the movements consequent on lateral instability of the flanges. Signifi- > 


: cantly, readings | taken on each side of the web indicated that the mean stresses 


yep 


in the webwere often less than the theoretical meanstress 


(Vertical Shift) of the Neutral —The neutral 


a were observed to alter their position with ‘movement of load across the | 
_ slab and, in general, there were large downward displacements of these planes 


as the load 1 moved away from the beam in question. - This hitherto unrecorded 


= is considered to be a characteristic of T- beam bridges and is. of a 

distinct importance. The two major factors considered to act in determining is 

the magnitude and direction of the » vertical shift of the neutral planes of the : 
‘a 


stn 
and one uncracked, — 
- 
— 
— 
=e cu a a us = = ° 
hasalreadybeenmade 
of the provision of lateral restraints to reduce the inherent lateral ins 
of the steelsections and to permit singular tests to be done 
thi t entirely successful q 
this support, provided in the plane of the top flanges, — 
a 
4 
- 
— 
— 
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er a aystens | in which the slab is supported on flexible beams with which . 
> not interact no resultant forces (additional to M/Z effects) are induced in 
Slab by bending and the load is distributed to beams by means of 
_ shear, torsion, and bending resistance of the slab. In T-beam composite sys- 
tems, the slab, considered as a transformed steel area, becomes a thin mem- 
brane and , together with the girders, forms | a type of cellular network. “The 
interconnection of the girders by this thin skin withdraws from them the free- F 3 
- dom to develop top flange stresses with a distribution identical to that in the he 
- former « case (that is, slab resting on elastic beams). Consequently, there will 
be some modification of the normal forces in the slab by means of lateral dis- Se 
tribution from horizontal shear action, 
Accordingly, a modifying system of longitudinal in the slab will 
i produced. It is important to note that these forces constitute an internal self- se 
_ equilibrating system and, as static equilibrium must be satisfied across any = 
transverse plane, they must equate to zero because the load system has not 
‘These distributed ‘components are designated Pi, Po . , the ‘subscripts 
referring to the corresponding girders in the structure. “Each is assumed to _ 
act at the centroid of that portion of the slab regarded as the flange of the com- - 
posite section. They are, in effect, eccentric forces with respect to the neutra 
k planes of the composite sections and must, when acting, cause a shift in the om. 
sition of the neutral plane of pure flexure. If this distributed force is tensile, Es 
3 it will induce both a direct and bending tension in the upper fibers of the steel Pi 
girder, while in the lower fibers the direct tension may be partially or com- 
balanced the induced bending compression the Pp force). The 


To put this theory to quantitative test the stresses at any point in the com- 
a posite beam were assumed to be resolved into three components satisfying me : 


aes Provided two stresses fp, the bottom flange steelstress, and or, the top aie 
steel stress, are measured atany cross section, P, the distributed longitudinal 
force in the ‘slab ata girder, and M the bending moment can be computed by ‘a 
; = ‘the s solution of the two simultaneous eq equations obtained by equating the measured ca 


stresses to the theoretical values expressed as functions of P and M. The- 
function e is the eccentricity of force P with respect to the neutral plane of pure i 


section, and Z is the section modulus at the fiber at which the stress is required. 


= of the composite girder, A is the cross sectional area of the composite Px, 
i: Some hope was entertained that the values of Mcould be compared to theoretical & 


a 


Cc 
comparisons could be made in this regard 


However, it was possible to accurately assess (it is claimed) the effect ’ 


the | distribution of the ae forces in spite of large variations in the effective | 


Ke cet “The Load Distribution in Highway Bridge Decks,” by A.W. Hendry and L. G. Jae- 
ger, Proceedings, ASCE, No, ST 4, July, 
.. “The Analysis of Right Bridge Decks Subjected to Abnormal ae ” by P. . 
Morice a and G, Little, Cement and Concrete Assn, London, D, B. 
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=) did not equal zero. It was then clear that for t this to be so, E. should be _ 
the order of 1.5 x 106 psi. The effective value of E ¢ was then” investigated. 
‘In the experimental work under review, the only complete set of recorded 
be steel strains in the top and bottom flanges were for the ten girder-uncracked : 
square: model and of these, the readings at midspan for load at midspan 
e analyzed. Concrete strain n measurements were inconsistent and none of the oe 
Served values were used inthe analysis. = a a 
a _ By eliminating M from the two equations for stresses fp and fp mentioned Meee a> 
| Sac and by expressing the section properties as functions of i Eg, are J 
lationship was obtained for P in terms of Ee. and the stresses ” summing = ze 2 


fects for all girders (see 


position. This value of isa weighted mean for ail girders and, 
i was found to vary from 1.5 to 2 x 106 psi, 1x 10° pei. 1 on which beam was — 


of forces in the slabinduced by composite T beam action, the values « of M found aa 

by eliminating P from the expressions for fp and fp (Appendix D, indicate a 
. less favorable transverse distribution of load than that indicated by the recorded — 
t lower a strain readings. In other words, the effect of composite or mon- — 


= the single composite beam test. Further, with reference to the et she 


incorporating separate slab and beams. The following reasons would 
4y e support this conclusion. For values of E,, certainly down to 1.5 x 106 )psiand 

possibly as low as 1.0 x 106 psi, the expression for M in terms of observed = 
stresses at the top and bottom flanges of the steel beams was practically con- 
stant, as was the modulus of section for stress in the lower flange. . That is, 


of M could be compared to the actual values" ; computed from the strain meas- “— _ 
- urements and any differences, justifiably, could be attributed to the redistrib-_ ce 
— ution of the forces in the slab. In the ten girder models the greatest pm oe 


Further of the validity of the theory stems from the ‘fact that 
gg a ©=M for the indicated value of Eo of 1.5 x 106 psi for the composite beams is — 
i 373, 740 in.-lbs for model 3 whereas the measured static moment from he 

- 4 175 ton loadacting onthe spanat 3 in. . off center was equal to 362,200 in. .-lbs, 
3.2% disagreement. The summation of the lower flange strains gave 403,000 


in.-Ibs as the moment value for E, = 1.5 x 108 psi, assuming that the beams 


he 


o- = a consideration of the «pr forces, it was apparent after a little thought, that the 
“ ce movement of the neutral ‘planes is partly influenced by such variations in the | 
.. value of Ec. A As the bridge is subjected to load, shrinkage cracks in the slab ~ 
i. to close up, as a result of which the neutral plane of the composite beam 
tends to rise an amount depending on the to which the cracks have closed. 


strain occurring in the concrete. Initially, 
value of E,, or the actual rates of 
| 
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‘This can be considered to be a rise in the value of the effective E, . Thus, as 
observed in the relatively heavily loaded beam, under a load the ‘neutral plane 
ae would occupy a higher position than in the less heavily loaded remote beams. ~ 
es Significantly, it was observed that the position of the neutral planes of the re- on 4 


ort beams fell far below that of the composite beam for which E, = 0, or that ak 


E, varies with load, as described previously, strains should not exhibit 

a linear relationship with load in the lower stress ranges, that is, before cracks © 
a have completely closed. In the case of the single composite beam cut from the see 
is Me model, the expected effect due to changing E, was pronounced in the top flange a : 

7 but to alesser extent in the bottom flange. h the latter case, the section mod- 

. ulus (Z) would be kept reasonably constant because, as the cracks in the slab a 


aad 
Manes wa Lifts, 


UN ALANGE AT MIOSPAN fae 


a2 

@ 
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close up the would 1 rise correspondingly. Some additionaland 

nt determinate cracking in the concrete, caused by the hammer used in cutting» 
out the composite beam, may have made the effect more marked as compare 
hie The value of E, deduced from strain readings for various loads inthe single © 
beam test showed a variation of from 0.49 x 106 psi at $-ton load to 2.38 x 106 © 
_ psi at 3-ton load. The values were confirmed by agreement between computed — 
actual deflections. E, in these calculations was taken to vary according 
to the strain at the center of the slab and, hence, varied along the length of the 

a as wellas with the load. The variation of E, with strain was determined | 


ii 
a 
Ny 
| 
— | | 
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= terms Ol Bcand the 


the composite sectio 7 » the and variable of of 4 


leading tothe conclusion that the twoimportant factors that govern the shift of 
the neutral planes of the girders in peor ‘Systems| are (1) the distribution — 


Lateral Distribution of Load Due to Lead 


_the lower flange stresses of the interior girders of the ten girder a ay! 
about 15% and approximately 7% for the edge-girders. Ss 
The comparison inthe case of the five girder models was made between the > 


racked and half-models obtained from cutting: the ten 


‘the Slab.—Cracking of the slab reduced its stiffness resulting in increases of - 


9. —SINGLE BEAM TEST RELATION OF APPARENT Ec To STRAINS a 
AT | CENTES OF CONCRETE SLAB| 


in added variables entered into the comparison in this case. 


_ The mean increase in the interior girders was about 14%and the mean for the | 


a) Comparison of Five and Ten Girder Behavior with Each Other and with te 


| a Theory. —Comparison with theory can be made with greater facility in the — 


Of the square model than the skew models. The strains in the lower flanges 
_ for the five girder-uncracked model were, on the average, 8% greater, and the 
_ edge girder strains possibly: 3% greater than the corresponding strains for = 
uncracked ten girder system. For the five cracked model the lower 


1H flange strains were up to 5% greater for the interior beams but n 


different for the exterior beams. 
compared to theoretical values deduced from charts’ prepared by Morice and 


Little® after and Massonet, in Figs. 10 


_ == It is of interest to note that as the load tended to a zero value, Ec tended to ie &g _ 
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Ih the evaluation of atiffnesses, Ee was taken as 4 x - 108 psi transversely, ; 
sal 1.5 x 106 psi in the composite beam. An equivalent uniform I, moment of | e, ; 
inertia, for the beam was used to compute the stiffness factor, calculated to ae 
Re the same deflection at midspan for load at midspan, as the ) model oa 


Moxice 


¥ 


“aT LOAD AT MIDSPAN 

25%, in the case of Morice and Little (Fig. 12) 
comparison of theoretical and observed results, with regard to the “ 
ae portion of load absorbed d by the various girders in both the five and ten — " 
-uncracked models, is pr resented in Figs. 10, and 11 forthe center and one quar-— 


the same, reducing tne no-torsion coelicients Dy Ol tne dulerence DeLtween 
— 
— 


‘Los 
the ten greer motel, it was apparent. ‘that a high of 
ane agreement between the theoretical and observed results can be achieved by in- 
creasing the value of E,, for the composite beam _ However, this would negate = 
_ the previous conclusions drawn with regard to the low effective average 
ey Ec for the composite beams. This objection can be overcome if the average a 
Lee value of E, is maintained for all girders while the value of E, ¢ for the girder aq 
; under load is increased. This is consistent, in view of the findings with the | = 
—— composite beam, wherein E, is shown to increase with increasing load. 
= | Accordingly, in the case of the complete system, the girder under the load 
would, in fact, be ‘stiffer than | the others as it is ‘more heavily loaded. Such in- ee 
= _ creased stiffness wouldin turn cause the girderto carry an even greater pro- — 
_ eh portion of the load, which can be seen from an inspection of the theoretical a 
oa In the case of the interior beam under load, an allowance for ‘the increased _ 
stiffness of the girder to conform to the E,-strain relation observed for the _ 


single composite beam caused an increase of from 29.5% to 32.5% in the theo- 


5 below the observed value (being as assumed sieaacthonsh tothe s strain in n the lower a 
¥ flange) of 43% in the case where the load is appliedand the strain is measured 
P = me at midspan. On the other hand, it is close to the value of 31% observed for the _ 


measured at the one quarter line (Fig. This indicates. the possibility 
a breakdown of transverse slab- stiffness toward midspan. Peg ctornepey the 


, ae Indeed, it was found that the maximum theoretical transverse bending mo aie 
= _ ments exceeded the computed moment of resistance of the slab at the yield of sp 
4 Bison. the steel (Figs. 13 and 14). This was more marked in the five girder models 
and was reflected in a more unfavorable distribution of loadtherein. 
Bene a Distribution curves for lower flange stresses at the one quarter and center 4 
_ lines for loads in turn at the one quarter and center lines (Figs. 11 and 15) 
indicate that the slab broke down in transverse bending at the one quarter line che. 
for load applied at the one quarter line. An observation made from the fact = 
: that the « curve pat the center line for loadat the one » quarter line is very differ- a 


Bee to the curve for the one quarter line for load at the center line. eP ; 
_ Mention must be made of an apparent omission in the investigation, which — 


fe subjected to “exercising runs” before the actual recorded tests were per- 

_ formed, by applying load at discreet points over the one quarter and center 

_ lines. Probable systematic but inextensive cracking of the slab in positive and 
negative bending occurred at certain regiors from such loadings thereby de- 
creasing the slabstiffness. Incremental loz were thenappliedand a 
between load and strain was “ved up to the design load of 4. 
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: 3 Morice-Little approach. When the number of girders incorporated in the sys- ake 
tem exceeds the number embraced by the present Scope 0 of ot Hendry and — 2 
method (as in the case under review) the theoretical curves have to be extra- ie 


_ polated beyond the girder-positions for whichfigures would be available (with- 


out tedious whereas in the Morice- Little mean, the are 


generally, when the number of girders is increased, say, from five to ten (with | ; 
an increased width of structure), the proportion of load taken by the edge is 

: hardly affected. _ Theoretically, for the outside- -girder, 66% of the load is taken 
Bs _ by this girder (load over girder) in the ten girder case, whilst for the same 

_— irder sizes and spacing the corresponding figure is 67% in the five girder in- 5 


a The Effect of Variation in Torsional Stiffness of the Steel Beam. i 


. _ The effect of 30° skew.—Except that model 2 was skewed at 30° and model 
aes was square, the twosystems were identical in all other respects. Generally, _ 
strains and deflections for the skew case were 20% less than those observed to 
: » occur in the square model. . This margin can be taken as a measure of the in- — 

‘ crease in stiffness of this model due to skew. However, the proportion of the : 
load dis distributed to each beam remained sensibly the same for the two models. — 
In the authors’ opinion, however, the comparison between skew and square 

models is clouded by the unknown degree of crackingin theformer ascompared _ 

to the latter. _ This cracking was impossible to assess experimentally, = i 

a Deflections. —Contrary to initial expectations, the observed | deflections of a 
the beams of the models were not proportional to the bottom flange strains. fea ; 
This variation from anticipated conduct is, no doubt, due to the effect of “P” AGA a 
(the distributed forces in the slab) and to the increasing effective E, of ‘the > he 
a girder as the beam becomes more heavily- loaded—a situation that = 


has not been subjected to quantitative analysis. It was noted that the observed 


i deflections we aes as a percentage of the total (summation of the in- _ a 


Further, it is consistent with an eccentric longitudinal 
= the slab causing sagging (downwards movement) of the remote girders. a (ss 
__Deflections of a Single Beam.—E, has been known to vary with the sone or 
m 


ve girder mode the five girder spa 
in the case of the five g uld be due to the fact that data for sad 
; ; oa girder instance, which co in the ten girder case with the = — 
Se — 
were transformed for u 
— 
ow) 
— 
ey = 
— 
¥ 
— 
4q 
4 
tion of deflections it is neces i 
a _ For the theoretical evalua it was necessary to find _, ai: 
>; establis in at the center of t rom the one quarter oe 
ied with this strain 8) was deduced from the 
E varie T hi ( Fig. 8 wa 7 f various loa 


observed stresses, I was s obtained, and for: section in. question, the Ec nec-— 
€ essary to give this value of I was computed. The values of E, so found = 4 os 
. plotted against the strain at the center of the concrete and a smooth curve 

a drawn through these points. . The strain at the « center of the concrete was found — 

Be by assuming a linear strain distribution across the composite section and ‘uti-- 
= lizing the top and bottom flange strain readings on the steel section. For a. ee 
purposes of computing deflections, was then determined for each load at 

each change of section and at midspan and a simple mean Ectaken for lengths __ 
of the beam wherein the cross section remained constant. 
The value of E, at each change of section was found by plotting for each load 

some values of computed strain (M/Z) against Ec, Z of course being a known — = 

; ie ~ function « of “5 Where a line joining such points intersected the empirical Ec- = 
: strain curve, the relevant value of E, was indicated. Corresponding I values — 


or Praia ie. 


APPLIED LOAD FONS 


-. agreed well, diverging by a maximum of about 7$%. . Superior results aon im 
Ot ngacn agreement would result if the actual strains and the computed E, for 


the one quarter and center lines are applied to points rather than the smooth ~<a 
ot curve. _ Thus, the values of Eo found from the | strain readings are confirmed - 


FL LCTION 


| 


by” the close agreement between actual and computed values for deflections — 


an | Bests to Failure. —Attempts to induce failure of the models by loading over ; 
a beam line were not successful. The capacity of the © hydraulic jack proved to 
*s 9 tons at which load the stress in an edge beam was 44,000 psi in the steel 

- and 10,300 psi in the concrete. These calculations are in accordance with the 


— load theory wherein constant stress exists across the steel and con- 


crete sections, due regard being given to the position of the neutral plane. 


_Neitherconcrete nor steel showed signs of failure, though, when the measured id 
4 strains in the lower flange exceeded 100 x 10-5 (stress of 30,000 psi) the neu- a 


tral began to ) rise indicating in the steel. ‘The shear 


4 
— 
— 
— 
— 
‘ ae 
| 
= 


q Bid had not occurred any relative movement between slab ‘and steel girders. eid 
: e.: eee failure was _a in the slab by about 10,000 lb on a 3 in. diam 


tem, , which are e worthy of note 


the effect of longitudinal a1 slab shrinkage can be offset, the lateral-— 


_ be achieved by longitudinally prestressing the slab either by propping the fie. a 
é _ beams before casting the slab in-situ or by allowing shrinkage to occur in pre- ie 
cast slabs before placing and jointing to prefabricated beams. However, lon- a Bs i 

— gitudinal joints, if used in this case, can reduce the flexural stiffness of the : 

and hence impair its capacity to transfer load. 

precast slabs are used, the loss in flexural stiffness of the 


; be partly or fully offset by the effect of the distribution of the slab —— 


distributing capacity of T-beam as revealed in the foregoing an- 

- alysis. Carefulattention to the shape of the beam, that is, to its — prop- — 


ging: 
bending stresses induced in the slab by composite action 
a from beam to beam in a manner not consistent with the horizontal shear 
_ properties of the slab, and consequently there is atransfer of longitudinal slab 
forces “a forces) from beam to beam. These forces act eccentrically q 
yy “respect to the neutral planes of the composite girders causing displacements iG 


yk the « gp Bh beams, ‘and the ‘position of the neutral planes of the girders fluc- = > 
‘The moment of inertia of the composite beams is reduced by the effect 
9 of poets ‘shrinkage inthe working stress range, and the reduction may be larger 
than is generally assumed in composite I-beam andconcrete slab systems and 
ean be taken as a gage of similar effects that would occur in the case of Ssys- 
tems utilizing precast girders surmounted by a cast-in-place slab 
“al Breakdown of the slab in transverse bending made it difficult to compare 8 
transverse lines remote from the load, although still colored, to some extent, 
by slab breakdown ne near the the load, showed reasonable : agreement with the theo- 


ae Transverse distribution of deflections bears no resemblance to the dis- 
ribution of strains in the lower flanges. _ This is because of the variable nature = 


of a the effect of (a) the — value er Ec, and (b) the lateral distributior of - 


— 
Total failure area was 24sqinw 
Practical Implications Suggested by th 

f  ____3. The need for transverse load distributing diaphragms, a doubtfu ia 
4 — 

whe 
‘A 

a 


D DISTRIBUTION 
6. The effect of ‘the variation in torsional strength of 
effect of skew was to stiffenthe structure and a 30° skew of the deck 
caused a general reduction of strains of about 17% from those observed in the ae 
corresponding square model. This was no doubt influenced by the degree of 


tively. The distribution coefficients, however, were the same for the skew and ai 


8. The analysis of and mre similar distribution curves t to 


— ‘Wells, H. A. Kendall, J. K. Baron- Hay, senior students of the Civil Engi- 

Department of the University of Western Australia, who enthusiastically 
accepted the responsibility of conducting the tests. ‘These tests were done in 2 

= most efficient manner. Grateful acknowledgment is made of the liberal finan- 


cial assistance received from the Main Roads Department of Western Australia. =i 


A are computed in terms of an 
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otha 


values of E, ¢ are shown in Table 4. 


sion for Mare gegen constant, that is, M is not influenced by variations 


Be ‘It can be seen from Table 4 that the coefficients of fp and fp in the expres- i 


in of E M derived from values of of gy 
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1.07 0.484 tp + (1. 0.0283 . 
(1555 + 658 E,) er * 41.1 
But =P =P) + + + + 
the same at each beam then ee Se 


07 + 0.454 E,) Dip + (1.45 


(1555 + 658 E,) + + (2108 41.1E, 
Tables 5 and 6 were used in. ‘computations of Pp and M except for the top 


lange readings at girder 8 load 9 10as these were obviously 
TABLE 38. —~CONVERSION or ernam METER READINGS) 


2 o7 
10 
83x1075 


Tables. ring (Table 3); 150 units on the Dial 
dicator corresponded to 4.18 tons or 9,360 Ib. 

‘The galvonometer reading Conversion (Table 3) is as ee. For Tables 5 

5 to 13 inclusive (MODEL 3), g x 1,450 = psi at E, = 3 x 107 psi (Gauge factor a 
= 2.07, = 10). For Tables 14 and 15 (MODEL x 1,950 = 

E 3 x 107 Gauge factor = 2. 


modulus of elasticity of steel x 
stress at any point ina cross section 
= top steel corresponding to otserved otrain 


§p (galvanometer readings) at any beam in the model. Taking an approximate 
seston for P, when plotted against 
— 
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— 
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Coefficients of -M=Aft+Bfg 
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@ Strain Observed on Bottom at Center Line at Center Line. 
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TRAINMETER A | 
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@ Strain Observed on Bottom Flange at Center Line Load Applied at Quarter Line. ae 


TABLE 8.—STRAINMETER READINGS? 10 GIRDER - SQUARE MODEL (UNCRACKED) 
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E 9,—STRAINMETER INGs* 10 GIRDER - SQUARE MODEL (UNCRACKE 


: 14 & ‘Strain Observed « on Bottom Flange at Quarter Line Load Applied at Center Line. __ 


iso 
— 
4,80 | 3, 1 0.27 | |-0.03 — 
2.90 | 4.10 | 2.99 | 1.00 | 127 | 0,33 |-0.04 
0.24 | 1.29 | 25| 4.20 | 3.37] 1. | oo2 
17 | -0.06 | | 1.19 | 2.95 | 4.0 4.60 | 3.30 
4 8 |-0.14 ‘4 0.14 0.0 ou -0.17 | 0.70 
| -0.04 | -0.12 
pe 
Strain 2.47 | -1.58 -0.95 11 | 0.20 | 0.48 
77 | -3.37 -2,73 | -1. 21.51 |-1.05 
— 5 | -1.11 | -1, 1.37 | -1.45 | -1,34_ 
| -0. | -0.56 | -0.99 | -1.37 | -3,62 
eee 1,09 | 0:60 | 0.10 | -0.44 | -1:26 | - 
yn Top Flange at Central Line Load App — 
bserved on Top Flange a > 
Strain} 7 | - |-0.20 | -0. 
3.30 | 3.80 | 2.91 06 1,28 | 0.25 | ~ -0.18 
— 170.05 | 1.20) 3. 16 | 3.55] 3,06 2] 1.40 | 0.18 | -0. 
| 06 | 0.25 | 1.39 3.02 | 3.43 | 3. 
“0.20 | -0.06 | 0. 0.20 | 1.23) 3.02 | 2.85 | 3.60. 
13 |-0.22 | 0. 0.36 | 1.39 | 2. 
0113 “0 | 0. 0.24 | 1.27 | 2. 4 
-0.12 | -0.10 41 | -0,20 1.02 | 
02 | -0.10 y 0.06 | -0.40 | -0.41 
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SQUARE. MODEL 


0,02 | 0.26 


¥ ie ces. Strain Observed on Top Flange at Quarter Lin 


a ‘Position of head (Load 150 Divisions) 


ag Strain Observed on Bottom Flange at Quarter Line Load Applied at Quarter Line. 


=“ 
— -1,01 | -1.08 1.03 | -0.63 | -0, 7 
— 0,68 | -0,80 | -1. 7 -0.64 | -0.70 | -0, 0.04 | -0.90 | -0. 
— oS fom 3 | -0.52 | -0.70 62 | -0.64 -0.78 | -1.01 | — 
1-015 | -0.3 -0.41 | -0. 66 | -0.79 | -0. “1,28 | -2.00 
-0,19 | -0,28 "22 | -0.53 | -0. ~0.94 | -1.16 | -1. 
— 
— | -0.07 | 0.14 0,15 | 0. 3 | -0.34| Ma | 3. 
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TABLE 12,—STRAINMETE 


Divis ions) 


=. 


- SQUARE MODEL (CRACKED) i 


ivisions) 


_ &@ Strain Observed on Bottom Flange at Center Li at Center Line. 


i 
- 
4,62 | -2,82 | -1. “1.36 | -0, 73 | -0.47 |-0., 
-4,.62 | -2, | -1. -1,00 9 | -0. “30 | -0 53 — 
2 |-3.19 | -1.87 | -3.13 | ‘47 | ey 
> -1,2 | -1.8 39 | -3, 2.40 7 | -1.62 
4 -0.79°| 9 | -0.88 -1. -1,27 | -3.75 61 — 
| -0.40 0,30 | -0,.59 0.54 | -0.87 | -0.79 | - ‘03 | -1.66 | -4.61 
|-0.11 | -0, -0.26 | -0. -0.53 1.55 | -2. 


nein of Load (Load ‘150 Divisions) 


wnoos 


Position of Load (Load 150 Divisions) 


-0. 
53 


_ & Strain Observed on Top Flange at Center Line Load Applied at Center Line. 


— 52 | 2.64 “40 1.00 | 0. 0.32 | -0. 
— 3.18 5.20 | | 2.38 0,97 0.97 | 0.29 
— 3 | 2.42 "39 | 5.3 2, 
— 4 |-0.03 2,39 | 5.52 
TABLE 15, a 
— |-0.30 | -0. -0.38 | -0. -0.61 
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i SHEAR DIAPHRAGMS ¢ OF LIGHT GAGE STEE 4 


By Arthur H. Nilson, 1 M. 


recognized that the diaphragm strength of floor and root elements of 
x ‘buildings can be utilized to resist horizontally-applied loads, eliminating — 

- the need for separate bracing systems. With proper attention to welding - 
tails, floors and roofs of light gage steel panels, designed primarily to carry 
vertical loads, will be effective as shear diaphragms. Extensive full-scale | 

tests: of light gage steel Gaphragms are described and test results are al 


G 


4 Those most ‘commonly considered are wind forces, ‘plast forces, and seismic 
or earthquake forces. Consider first a simple one-story building acted upon by — 
wind forces (Fig. 1). Assume that the wind exerts a positive pressure on the 

; in windward side of the > building. The wall sheathing, if properly designed, func- 
tions as a . uniformly loaded slab spanning vertically, supported at the bottom ah. 


a the wall foundation, and at the top by the beams FJ, JI, and IB. The roof i. 


surface BCFG is loaded in its own ened along its edge BF. The roof system 
must, 


application to stiff vertical shear ‘walls 0 or vertically- braced bents ABCD and 
: _ EFGH, which in turn transmit the loads to the building foundations. ol 


. To extend the closing date one month, ee 
ae request must be filed with the Executive Secretary, ASCE. This paper is part 


_ of the copyrighted Journal of the Structural Division, a of the American So- 
her ciety of Civil Engineers, Vol, 86, No. ST 11, November, 1960, — Bop 
Asst. Prof. of Civ. Engrg., Cornell Univ., Ithaca, 
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= itself, as well as the exposed surface area and pressure. In the case “—_ 
seismic action, one is concerned primarily with the dynamic response of the — 
building, and not directly with surface area. Regardless of the cause of the 
horizonatal force, however, the behavior of the resisting structure is very 
much the same in each case. _ The load can be considered to act horizontally _ 
in the plane of the roof, which must transmit it to the top edge of the vertical _ 
can be done by providing a system of X- bracing in in the 
: plane of the roof or floor . This, in effect, creates a horizontal truss, with 
_ members ‘BF | and GC as chord members, FG, Ya IK, and BC as posts, and 
= the X- bracing itself as diagonals. This may be undersirable architectural- a 
yy, however, and in any case is wasteful, because the roof sheathing can, with 
; Bayer attention to fastening details, be made to act as the shear- resisting i. 
web of what exactly corresponds to aplate girder, , with BF and GC as flanges, 
_ loaded along the edge BF, and oe at its ends by shear walls ABCD and 


- and the sheathing, designed primarily for vertical al loads, will ca carry the hori 
_ Such shear diaphragms have been successfully constructed of wood, con- 
_ crete, and light gage steel, in addition tovarious patented fibrous roof sheath- — 
ing materials. The behavior of wood diaphragms has been established by 
extensive tests by the United States Forest Products Laboratory, the Oregon > 
Forest Products Laboratory, and the Douglas Fir Plywood Association. Such 
diaphragms may be constructed using diagonal planking, or more usually, 
using plywood sheets, nailed and sometimes glued as well, Allow- 


phragms. 20 "(Note that the strength of such elements is controlled by shear ; 
¥, capacity, and is usually expressed in pounds per foot of diaphragm depth in 

the horizontal direction parallel to the load. It could as easily be expressed — 
in pounds per square inch of web area, as is usual in ordinary steel design. ) 


‘The behavior of concrete diaphragms is more easily predicted by theory, € ; 
since the shear web is, in this case, 


_ the i edges with senile steel eet and when properly secured to the sup- e 


ie structure, such diaphragms of concrete are the strongest a and stiffest " 


Shear diaphragms of light gage steel panels are more complex in their — 
action under load. The use of such steel panels over a steel frame to carry _ 
vertical loads has become widespread in ‘recent years’ because of economy, 
et weight, and speed of installation. A few of the many ¢ cross ; sections ce 

- are presently available are shown in Fig. 2. The steel sheet used in fabrica- 

_ ting such panels is usually in the range from 20 gage (0. 0359 in.) to 12 gage — 
(0.1046 in.). When more than one sheet is used to make up a cross section, the 
 mpunente are generally resistance spot welded along the linear joint. a 4 
on installations designed to resist vertical load only, welding systems © 
are nominal, and serve only to secure the panels to me supporting frame to 


b : a. The effect of a blast On such a Dullding 1s similar to that of wind, except __ ' 
— 
— 
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and to resist uplift, and to prevent differential move- 
_ ment between adjacent panels that might damage the roofing or — 


When designed also to resist the horizontal shear loads described previously, — 


te welding pattern must be somewhat more complex. In this case, the 1 welds 
must (a) secure adjacent panels to one another at intervals along the joints i 
f - that relative horizontal movement between panels is prevented, thus insuring i 
i _ that the deck will act as one integral shear web rather than as a large number ~ af 7 
: ch f individual parts; (b) secure marginal panels to supporting steel frame so 4 
that horizontal loads may be transmitted into and out of the diaphragm along Teg 
+ the lines FG, JL, IK, and BC (Fig. 1); and (c) secure marginal panels to il - 


= steel frame along the long edges BF andCG so that these marginal beams can i v5 
; -- as “flanges” for the plate girder for which the deck functions as web, x? 


and thus carry bending stress. The welds inthis case are loaded in lesteetien = 
Welding. .—A number of different welds unique to the installation of light 
8 gage steel panels have been developed and refined in experimental work. The 
basic types are shown in Fig. 3. In securing panels to supporting structural © 
_ steel, most frequently a “puddle” weld is used, _ shown in Fig. 3(a). These 
are similar to the conventional plug weld, _ except that no pre-punching of the 
light gage steel sheet is involved, the hole. being burned and the weld made 
= in one continuous operation. Such welds are commonly from 1/2 in. to 1 in. in | 
= diameter, the size depending on the required strength. It has been found that 
ae the effective diameter of fusion, at the level of the under surface of the panel © 
“3 steel, is ; about 1/4 in. less than the nominal and apparent diameter at the : 
_ top surface of the steel. A representative group of such welds is shown after — 


If the panel edges terminate in a stiffened (upturned) lip, it is possible to 


(Fig. 3(b) and 5). This has the advantage over the puddle weld in that less sing 
ts generated in making the weld, since one need not burn through the panel 
_ steel to fuse to the structural beam. Consequently, a better weld is more | 
easily obtained. It has been found, however, in a number of tests, _ that edge iz 
fillet welds to unstiffened edges are notably deficient in strength because de- aa 
= § formation of the panel adjacent to the weld results in premature failure. Such 
7 welds to unstiffened edges should be avoided in favor of welds that are sur- 
rounded by panel steel on all sides, thus minimizing distortion and | prema- 


__ Along the seams between the panels, in the event that the panels ial 
in a down- turned edge (one side of whichis usually a hooked edge as | seen in 4 
several of the typical sections in Fig. 2), it is convenient to place a welding 
‘bead along the joint between the panels. Such welds are usually 1 in. to 2 in. 
a in length, and spaced 12 in. to 48 in. 0.c. depending upon the required shear — a. 
strength, and are designated somewhat loosely as fillet welds (Fig. 3(c) and 6). 
G If the panels are used such that the concave part of the hook joint is downward 
? (Fig. 3(d)), it becomes necessary to use a modified form of the puddle weld 
a described earlier, in which an elongated hole is burned through the top of 
: = ° the hook, fusing the hook to the upper portion of the upstanding lip of the a 
adjacent panel. One of these welds is visible in Fig. 4. 
4 _ Several manufacturers have developed clinching tools by means of which 
4 a button-type indentation is made through the hook portion of an edge joint, — ae he F 
engaging: the upstanding lip of the adjacent panel. A typical took of this type i. 
shown in ‘Fig. ‘Tests: such mechanical joint fastenings will 
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| substantial shear values before spreading of the hook permits the 


= ‘between adjacent units under vertical load. In shear diaphragms, their rnd a - 
“4 tion is more critical. Since the effectiveness of seam clinching for shear dia- ; = 
stricted to “applications where precise vertical alinement can be obtained. 
. es Considerable experimentation in welding indicates that good results can 
_ be obtained in welding light gage steel panels to structural steel by using the 
American Welding Society (AWS) Specification E-6013 rod of 1/8 in. diameter. 
‘ In making fillet-type welds, for which no burning-through is required, a 
is current of 150 amp to 175 amp at eimrontinshets 35 DC (burn-off rate of 9 in. 
: to 11 in. per min) will be satisfactory. For forming puddle-type welds ,a cur- _ 
rent of 200 amp to 225 amp at approximately 45 DC (burn-off rate of 13 in. to 
g 15 in. per min) will be necessary. (These values were developed for panel 
as. of 16 gage thickness; lighter thicknesses of ‘panel steel would dictate 
End Closures. —When | panels of type 4 or 10are used for shear diaphragms, a 
“it becomes necessary to provide some means for transferring the shear force 
: from the plane of the deck flat plate to the plane of the top flange of the — 
— steel beams, Unstiffened vertical webs would permit large horizontal 
= movement between the deck and the supporting beams. Various methods and. 
devices have been developed for accomplishing this, perhaps the simplest 


- being the continuous } light gage steel closure angle, installed as shown in Fig. 


of the beam. ‘The fillet welds shown in n Fig, were in, in length 
and spaced 24 in. 0.c., orone setperpanelend. 
a The performance of diaphragms using panels of Types 1, 2, and 3, all us-— 


wally of 1- 1/2 in. be the use of such a closure angle, 


Marginal Beams and Connections. ‘the case a floor 
system acting as a diaphragm in conjunction with a steel frame, the marginal 
_ beams running perpendicular to the direction of the applied loads are subject 
& axial stresses, as are the flanges ofa plate girder. The magnitude of these 
_ axial stresses is usually quite small, and the 33 1/3% increase in permissible AP, 
stresses allowed by most building codes - for wind, seismic, and blast effects _ 
4 usually sufficient to cover the increase inactual stresses, so that 
beams designed conventionally for vertical loads will, in most cases, prove 


tt adequate function as diaphragm flanges as well, no increase in in area 


_ The force acting on a marginal beam in an actual structure is primacy 
_ being applied through end connections that are largely unable to trans- 
= moments acting in the plane of the beam web. It is true that small mo- — 
ments will be developed, as the load of any given segmental marginal beam 


‘more or less uniformly along the surface the top 


- ‘petwees shear walls, the largest part of the load on the beam is applied axially 7 a 
from the adjacent beams, and bending stresses are small. 2 
a has been found to be sufficiently accurate for design purposes, if the 


lated by the “full ¢ area of the ‘marginal beams, conservatively neglecting the 
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contributing area of panels in computing flexural stresses. Values so 
obtained are sufficiently on the safe side that the small effect of sr 
of the load applied along the top flange surface can be neglected. Thus, the Pa 
i - total axial force in the marginals will be equal to the total applied moment _ "y 


at the section divided by the horizontal distance between marginals. Dividing 


a - this force by the full area of the marginal will then give an average value =i 


The ‘connection detail between adjacent beam 
be checked for should be apparent that all of the flange forces, 


~ 


the number of bolts or rivets or size of weld may have to be increase 
slightly at the outer marginals. It shouldbe noted that crimping-type deforma- 
tion of the framing angles in transmitting axial tension could have a detrimen-— 
tal effect. Standard methods of review are _ satisfactory, and may indicate the 
“need for either a or use of a heavier-than-normal framing 
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than adequate to provide for the combined stress situation that results, 
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og _ analysis. The large number of relatively small parts involved, with possible : an 


Ls ; 
By ei nari and the stress concentrations that are present near the 
welds as horizontal load is applied, prevent the application of the results of 
analysis with any large degree of confidence. Accordingly, a considerable 
_ number of isolated tests have been performed bya a number. of persons and in- G 
se The first tests to come tothe author’s attention were performed in Califor- 
nia in 1947, by C. B. Johnson and F. J. Converse. These tests utilized — - 
of Type 2, and were performed by pulling with cables on a full sized building. 
A A second group of tests was performed in 1949 and 1950 by S. B. Barnes, 
used of 10. teats were described in detail in an un- 


action, He ed the information available at that time (1 


ted the usefulness and structural adequacy of light gage steel shear diaphragms 
_ for building _ construction,” ” and he hoped that his work would provide “the __ 
stimulus for continued research and experimentation along these lines.” Pe 
tion ws was needed as a a basis for the responsible design of such structural ele- 
Following Mr. -_Johnson’s work, a number of tests of light gage steel dia- 
7 phragms were made by James M. Fox of Los Angeles, S. B. . Barnes, Jepson — 


and Styer Engineers of Seattle, Wash., and others, in addition to the extensive _ ; 
_ tests at Cornea University. While little or no information or test data has -— 


— TESTS 

‘July, 19 955, the first Cornell University tests of full-scale in- 

stallations were initated at Thurston testing laboratory, under the direction 
of George ‘Winter, F. . ASCE, andthe author. There followed an 1 extended series _ _- 
of more than fifty diaphragm tests, utilizing many types of panels, steel thick- Ny 
nesses, patterns of welding, panel spans, and panel depths. Information that met 
has evolved from these tests has provided a firm basis for the design and in- ieee 
-stallation of light gage steel diaphragms in many parts of the country. Ulti- es 


a mate strength and working strength values have been established for many dif- 


__‘Three-Bay Tests of Type Type 10 Panels. —The early tests at 
in 1955 and 1956 made use ofa taree-hay steel frame exactly analogous to 
area BCFG shown in Fig ‘Fig. 9 shows the arrangement for testing 
type 10 panels. Three 10 ft- by-12 ft bays were established, forming a deck area - 


«ft-by-30 ft (Fig. 10). 12 W = 27 beams framed in the short direction 


of each bay, into 10 w 33 jacking” beams running east-west at the third 
_ points of the test area, and into 10 W 21 reaction beams running east-west 
at the extreme ends. The frame was supportedon eight short columns located | 


at the ends of the 10 in. beams. The columns under the two jacking beams were 


ae. “Light Gage Steel Diaphragms in Building Construction, « by Carl B. | Johnson, 
sented at the February 196 1950 ASCE in ‘Los Calif 
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et on rollers to minimize frictional resistance. A 24 iin beam was pro- _ 
vided, to the east of the decked area, running in the north-south direction, and 
set with the web horizontal. Loads were applied to the test structure by jack-_ 
ing between this 24 in. beam and the jacking beams previously described, using» 
two 50 ton hydraulic. jacks. The reaction beams at the north and south ends of 
the deck area were connected to the 24 in. beam, and in turn to the labora- | 
tory columns at the extreme ends. The deck panels were laid on top of the 
% beams, and suitably interconnected along the seams and welded to the beams 
to form a 1 diaphragm. In this manner, the test installation of Fig. 10 the beams 
- the action of the structure of Fig. 1 in every respect, except that instead of 
the distributed load, two concentrated loads were used. ce Cee. 
= a ~The frame was loaded preliminary. to the placing of the steel deck, and 
ia it was found that a jack load of only 500 Ib resulted in third-point deflection of — 
the deck area of as much as 3/4 in. Considering the very small magnitude of 
a _ deflections with the deck panels ir in place and welded, it was apparent that vir- 


tually all of the resistance to horizontal movement was provided by the deck © 


itself, with very little resistance provided by the stiffness of the frame a 
Loads were applied to the diaphragm» installation in increments using 5 


=— jacks, and at each increment, observations were made of horizontal 


“permit that form of construction to be competitive. Panels of Types 9 and 10 
were tested, , with light gage sheet of 16 or 18 gage. The strongest of these sys- s 
tems reached an ultimate shear strengt of 3,550 lb per ft; the net deflection — 
at 50% of that failure load was only 0. = in. in 30 ft. The results “= the more 


“a load- deflection curves shown in Fig. “Si. Only the most essential data has been 
included in the summary tables. Details of closure angle configuration and 
welding, for example, have been omitted, but itis felt that sufficient informa- 
tion is given elsewhere in this report to permit the engineer to arrive ata | 
i satisfactory detail, with the assistance of manufacturers’ test data. 7 ae 
Cantilever Tests of Type 9 Panels. ,—Upon completionofthe tests described 
above, an expansion of the program was planned to include tests of long span | 
o panels, up to and including 30 ft in length. The construction of a third-point 
me p loading frame of 30 ft-by 90 ft dimension, similar to the smaller test frame, 
y would have ] proved prohibitively | expensive and cumbersome. Therefore, a dif- 
= ferent scheme for these long- -span tests was developed. = 
Tt is easily seen by inspection of the shear diaphragm for the three- bay 
hird-point loaded frame that the center bay is is completely inactive in resisting — a 
an shear. In fact, it was included in the earlier tests only because of the rela- | 
ae convenience of introducing load to the diaphragm along two lines rather 
_ than one. It is obvious also that the two outer bays are symmetrical, and identi- 2 
: eal in structural action. Although bending moments exist in the center bay and _ 
have an effect on deflection, for a system that is shear-critical the presence ?. 
_ or absence of the center bay will have no ettect on strength. On this basis, — 
then, it was proposed to test a single “end” bay, loaded as a cantilever, — 
Ee yield the same strength values as the three- bay frame, and from. which 


the deflection of an equivalent three- ea frame could be computed, a a 
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order to compute the deflection of the equivalent three- bay fr: frame 
obtained from testing one end panel as a cantilever frame, itis 
that two ‘corrections must be “made. ‘First, one must eliminate the 
deflection effect of small unavoidable movements of the cantilever support 
4 cc points. The effect of such movements on the deflection at the jack in the di- Bea 
rection (of the applied load is easily determined using the known aspect ratio * es 
i f the particular test, in n conjunction with recorded dial gage readings. of such 7 . | 
_ Support movement. Second, one must introduce an additive correction to ac- as. 
count for the missing center bay. By means of statics one can determine the —~ 
axial forces in the center span marginal beams resulting from the application a : 
of a given third-point load, and by Hooke’s law determine the total tensile and ; 
compressive strains. On the basis of the geometry of the equivalent frame = 
the deflection at the third points in the direction of the jacking force, due to 5 
the axial deformation in the center bay, is readily computed. = ate __ 
In order to provide “experimental verification of the argument just pre- 
jn a pilot series of tests was performed ona single bay 10 ft-by-12 ft — 
, cantilever test area, and which used identical panels, spans, and weld systems 
* 2 ‘fs had been tested on the three- min Fig ~by- -30 ft test frame. ‘The frame used 
for these pilot tests is ‘shown in oni ‘12. These tests showed remarkable 


= beams. (It will be helpful in following the description to refer to Fig. 13. 
The north direction in the photograph is toward the left background.) This” 
frame rested on rollers permitting essentially unrestrained shear deforma-_ 
_ tion to occur. At the southeast corner of the test area, the frame was connect- 
zs wd ed to a 24 in. wide flange beam in such a manner as to permit vertually no 
- movement at that point in nany direction. The 24 in. beam was rigidly connected — 
ex am in turn to the laboratory columns. At the northeast corner | the frame was re- at 
stricted against east-west movement, but north-south movement was permitted i” 
by means of a sliding greased plate connection. The southwest and northwest _ 
corners of the frame were supported on rollers and were free to displace in 
any ‘direction. At the northwest corner of the frame | the load was applied in 
‘ northerly direction using a drawbar and yoke arrangement in an 
_ with two fifty-ton capacity hydraulic jacks. The marginal 16 in. wide flange © 
5 beam on the south edge of the deck could be repositioned using alternate sets a \ 
holes” to form test areas of 26 ft, 22 ft, 20 ft, and 15 ft in the north- 
in addition to basic 30 ft dimension. The -west 


"dimension of the frame remained constant at 30 ft for all tests. ie Kia toy 


Prior to testing any diaphragm, an experiment was made to determine how 
much resistance | to horizontal movement was provided by the stiffness of the aa 
. frame and its connections, With no panels in place, a force was applied to | 
: _ the frame by means of the jacks. A total horizontal displacement of 1-1/4 ee 
was observed at the jacks with no measurable jacking force. At a total of 
1-1/2 in. a pressure of 100 Ib was recorded. Since these displacements are 
: a of the same order ¢ of magnitude as the largest deflections recorded during ac- 
a _ testing of loads of many thousands of pounds, it was concluded that the re- 
sistance of the frame itself to shear deformation was a negligible quantity. 
a s A total of thirteen tests was made using Type 9 panels with the large canti- 
_ frame. Spans ranged from 15 ft to 30 ft, and panel depths from 3 in. to 
in. Both and perforated shear plates were tested, and 
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failure and to load-deflection characteristics. This close agreement provided 
— a firm basis proceeding with cantilever tests of long-span panels. 
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results of these. tests are in Table and typical 
-load-deflection curves are shown in Fig. 1 
_ Cantilever Tests of Type 4 Panels.—A total of seven tests were conducted 
using Type 4 panels on the large cantilever frame. The presence, in some - <a i 
panels of this type, , of intermediate and edge stiffeners, while improving the 
performance of such panels in resisting vertical loads, tends to increase the 
flexibility of diaphragms because of the somewhat longer stress path — 
; flee a consideration was the fact that the stiffening elements consisting of the i a 
a 4 vertical ribs were more widely spaced as compared with panels of Type 9 and — 4 
Type 10. In scheduling the tests, an was made to use each depth panel 


13, —CANTILEVER TEST | OF TYPE 9 PANELS 


that depth. In all cases the thickness of the steel was 18 gage. The results of ae : 
_ the seven tests of this type of panel are summarized in Table 1, and typical 
deflection curves obtained are shown in Fig. 11. Failure xe range 

™/- 1,730 Ib per : ft to 2,590 lb per ft, with very small deflections. ee oe 
Cantilever Tests of Type 1 and Type 2 Panels. —Panels of this general con- 
figuration, meeting the specifications of the Metal Roof Deck Technical Insti- 
_ tute, are widely used at the present time for carrying gravity-type loads. ‘These © 
ae panels" are generally : ‘used on spans of 8 ft or less. In spite of their lack of a 7 
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Be of this ei tested at Cornell were of 10 ft span, and of thicknesses . 
ranging from 16 gage to 20 gage. A cantilever test frame 10 ft-by-12 ft in size — 
“av was used, with loads applied at one corner by a single jack, parallel, to one 
_ edge of the diaphragm. Panels spanned perpendicular tothe jack force in each. = 


f case. Panels were tested both flat side down, the flat plate being welded direct- 
a ly to the frame, and flat side up, with the bottom of the ribs welded to the — 
frame end closure devices were used with the latter installations, the 


panel ribs. In general, puddle type welds were used at panel edges, ends, and 

A seams. These were found to be superior to edge fillet welds in resisting a ; 
deformation when the panel configuration the of fillet 

Diaphragms using these panels were tested to failure loads as high as 
: 3 ,580 Ib per ft. While rather severe distortion was evident near failure, , par- .h 
aa at the ends of panels, application of the usual safety factor of three _ 
= result in a working load at which distortion was well within acceptable — 


limits. The strongest of the tested diaphragms of this type utilized 16 gage 
panels of Type 1, ona 10 ft span, and the load of 3, 580 Ib per ft 


safe 
a to establish me working strength values. of ‘light gage steel dia- 
ae. It is evident that, for structural systems that are shear-critical, 
a maximum shear strength theory is the proper one. That is, when the shear 
-_ on the actual structure reaches the shear load present in the test specimen 
at failure, the failure of the actual structure will MS eis gear 
ry _ Early investigations into the strength of light gage steel diaphragms involv- ma 
ed an attempt to apply a factor of safety to the yield strength of each system 
7 Hy in order to arrive at a value of safe working load. Because of the non-linear 
: characteristics of the typical load-deflection plot for shear diaphragms of light 
a gage steel, and the lack of any clearly- — Som point, this approach to 
working strength values was abandoned. 
7 It has become the general practice to nails a safety factor to the ultimate * 
attained, this being a definitely established quantity for any system. 
ie Most authorities concerned are in agreement that a safety factor of 4 applied to -_ 
4 


_ the ultimate load is sufficiently conservative, but not overly so, in view of the - 
- variation in the skill of welding operators doing the work plus the large num — 
ber of individual welded connections and the impossibility of investigating a 
each” for However, there is general agreement also that the in- 
7 quake, and blast stresses, is applicable here as ; well, and so this results in 
7 an effective safety factor of 3 applied to the ultimate load. (For certain sys- 
_ rt tems, it is more rational to apply a safety factor to the critical buckling — 
for the web, rather than t¢ to the ultimate load reached. 
should be “emphasized at this point that the strength of any p: particular 
—— system 1 must be established sa test of tl that at system, and not by tests a. 


flat plate element, tests indicate that such panels will carry very 
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“investigators in the past have attempted to arrive at generalized v values of 
_ strength per weld for the several types of weld in common use, and to apply 
: _ these values to different systems to arrive at failure loads. In n countless tests ‘ 
it has been demonstrated that the strength of any particular weld in light gage 7 


configuration of the surrounding metal, particularly in those failures re- 


ae. - separation of the weld itself. The typical weld failure, in fact, is by tearing or 


sulting from tearing of the panel steel around the weld rather than 2 


_ buckling» of the panel steel. In these cases it should be obvious that the confi- 
- guration of the panel adjacent to the weld is of great importance. This is | il- 
_ lustrated by tests in which 24 in.-wide panels were welded at their ends to sup- 
; porting steel using three puddle welds per panel, for an average spacing of 8 
in, while along the beams running parallel tothe panel span, edge panels were 
welded with puddle welds of identical size but at a 24 in. spacing. In many in- 
stances the panel end welds failed and the edge welds did not, although it is 
- easily shown that the s shear per foot of panel is exactly the same e along ends a 
_ Deflection. —Horizontal deflections permitted by floor or roof diaphragms: 
- ‘must be held within certain limits in order to insure the safety of the struc- 
ture. These allowable limits, logically, are less a function of the span of the 
strength properties of ‘the wall material. ‘Thus, “predicted deflections at 
sign load must be compared with maximum allowable values, which will de- - 


, tis the of 
“the wall in inches, E is the modulus of elasticity of the wall material, an f 7 
is | the allowable « compressive s stress of the wall material, a er 


tural safety, under certain circumstances an analysis of shear reactions, 
shear, and bending moments may depend on a deflection study. For example, 
intermediate shear walls may be present in addition to the usual shear walls 5 


- at the ens of a building, in which case a deflection ; analysis is mandatory > 


“In 3 an earlier unpublished paper, 4 the author has developed a method my, : 


predicting the ‘deflection performance of light gage : steel diaphragms. Briefly, 


it was found convenient to ) re the various contributions to total deflec- 


Deflection due to shear stress in an assumed solid web. (flat 


(c) Deflection due to seam slip between adjacent panels; and es pale 


_ “Deflection of Light Gage Steel Floor Sys stems Under the Action of Horizontal Loads, . “ 
by A. H. Nilson, a thesis presented in seaidaaas fulfillment of the requirements for =r — a 
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“ef walls by the Structural Engineers Association of Southern California 11 
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web at end connections (negligible if Se Tr, transfer devices are rein 


Conventional formulas p permit determination of al deflection, In computing 


4 


the moment of inertia of the diaphragm, it was found sufficiently accurate to 


stalled, but ‘Substantial if they : are e omitted). 


consider only the moment of inertia of the marginal beams about the mid- = 
of the diaphragm, neglecting the small contribution of the diaphragm web. 
Shear deflections likewise can be determined using conventional formulas, _ 
2 making use of a“ shape factor” which was determined from test data. Dia- _ @ 
pa phragm deflection due tos seam slip can be related entirely by geometry to the 
~ sulting seam slip was established by analysis of extensive test data, and both — 
curves and approximate formulas were presented for design use. Additional — 7 
correlated panel and web deformation, permitting» 
the computation of item (d)._ 
i In the light of increasing experience with nati diaphragms, it has become 7 
; apparent that actual deflections are of an extremely small order of magni- — 
_ tude, even for much larger diaphragm span-depth ratios than are presently 
contemplated. Investigation of typical load-deflection curves included with this 
"paper will reveal the great rigidity of properly installed light gage steel a 
_ diaphragms. For the most flexible of the diaphragms tested, a clinched seam a 
system, used for a diaphragm of extreme span-depth ratio of 6-to-1 (15 ft- 


by- Bape ft diaphragm), the deflection at 50% of the ultimate load was only 0. 38 
or 1/2800 of the 90 ft 
‘ 


—— 


It is felt that deflection of such diaphragms is so small that tit will seldom — 
be a factor in design, except for such special circumstances as already noted. ‘ 4 
Effect of Panel Depth.—For panels having a continuous flat plate element, 
such as Types 3, 4,7,9, and 10 (Fig. 2), the flat plate is the principal shear- — 
. carrying element. The principal function of the vertical ribs is to serve as a_ 
stiffener for the very thin shear web, preventing, or at least controlling, 
buckling of the shear web. Once the adequacy of a certain depth of panel . - 
‘: been demonstrated for a certain span to serve as a web stiffener, then in- 
creasing the depth of the ‘section or increasing the thickness of the material 
Le forming the vertical ribs, should have no effect on the strength of the dia 
_ phragm. All test evidence indicated that, if the panels were designed in the | 
- usual manner for vertical loads, then the resulting depth and thickness of the a 
vertical ribs would | provide adequate wi web stiffening for horizontal plate 
girder” action that was adequate to control shear buckling of the web. Panel 
depths and thicknesses were purposely chosen for test which would represent a 
reasonable minimum for the span involved, and in no case did a —— 
fail by premature buckling of the flat plate element. Certain control tests _ 
were made keeping all variables constant except for the panel depth, to in- a 
; gn any strengthening effect would be obtained by use of a deeper 


For example, . Test No. 58-2 used 7 1/2 in. depth, Type 9 panels with 


16 gage flat plate and 18° gage hat section, on a 30 ft span, and resulted ina 


failure load of 2,130 Ib per ft. Test 58-4 on the other hand used 6 in. depth, — y 

_ Type 9 panels with 16 gage flat plate and 18 gage hat section, and resulted in i 
~ a failure load of 2,290 lb per ft. . All details of the two tests were identical — “~~ 
except for the depth of the panels. | The difference in failure load of 7% (which, 2 
os fact, is in favor of the shallower panels) is well within the range of upert- 7 
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“For panels without a continuous flat plate element, such as Types 1, 2, 5,6, _ 


— - and 8 (Fig. 2), the ribbed section must serve not only as the stiffener but as 7 


Beg 9 that must be followed by the shear increases accordingly, and 80 
shear deflection will likewise increase for the deeper panels, with the a 


A second of deepening the panel section is that distortion of 
= a webs near panel ends is increased. Considering Type 4 section for 
porting structural steel at the level of the top p surface of the top flange of the © 
_ beams. The shear is carried in the diaphragm at the level of the top of the 
- panel. “The resulting eccentricity, equal to the depth of the panel, causes the 
panel ribs to “sway” | to the side, permitting relative movement between the 
_ top and bottom surface of the panels. This has an additive effect on overall 
aes deflections, of course. It can be seen from Fig. il that this deflec- 
‘ten increase is 3 not serious in the « case Of the usual i- 1/2 i in, roof deck of Type 


such as the continuous closure angle previously described. 
Ss Effect of Panel Span. .—There is sufficient test evidence to indicate that there 
; is a definite correlation between panel spananddiaphragm shear strength ex- 

pressed as pounds per foot of diaphragm depth. Diaphragms using shorter 
_ span panels tend to be stronger per foot of depth and stiffer, and those using "7 
longer span panels are not so strong and are more flexible. This relation is r 

clearly” seen by plotting failure load in pounds per foot against diaphragm 
: panel span in feet for particular systems, as has been done in Fig. 14. (Note 


and are subject to to revision in the light of — experimental informa- 


,. While there is sufficient test evidence to indicate that there is a definite 
ie relation between span and failure load, it should be noted that failure 


load is not particularly sensitive to changes in span. In Fig. 14(c) for example, 7 
one notes that, even for an extreme variation in span from 12 ft to 30 ft for 16 
gage plain panels, the variation of ailure loads was from 3,220 plf to 2,640 
_ pif, a reduction of only 18%. One concludes that failure loads can n be estab- 


maximum for the panels tested, and the resulting failure load could be used 
for all shorter spans without any serious loss in a 
_ Relation of Material Thickness to Strength.—There is reason to believe 
that, for systems that do not depend upon the stiffness of panel vertical | nota 
for transmitting shear ‘from support beams to the plane of the shear resisting» 
element that is, for systems in which the continuous or near- continuous — 
flat plate is welded directly to the marginal beams), the failure load is very 
“nearly directly proportional to thickness of the panel s steel. Referring to = 
summary data presented in Fig. . 14a), the failure load ‘obtained for 16 gage 
_ unperforated panels at 20 ft span for Type 9 panels with clinched seams is 
1,760 plf. Prorating this on the basis of flat plate thickness, one obtains an 
estimated value for 18 gage unperforated panels at 20 ft span of 1,410 plf, com-— 


example, the ‘shear | load is applied and taken out of the ¢ diaphragm by the sup- = : 


_ pared with a value from the curves of 1,270 plf, a difference of only 10%. = : 


rating mead value of 16 gage acoustic panels at 20° ft span, 1,240 plf, one obtains 


=" 
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estimated value for 18 gag gage acoustic ‘ere at 20 ft span in of 990 plf, com- 
pared with a value from the curve of 1,000 plf, a negligible difference. It is. 

- felt that the prorating of results in this manner could be done without serious * 
error for ' the entire range | of thicknesses presently used for diaphragms, say 
from 20 gage through 14 gage. 
_ It should be noted that this realtion will be, roughly, directly proportional 

i. only for those systems that do nc not at rely upon out-of- plane bending stiffness of 

the vertical panel ribs for tr tting shear force. For panels of Types1, [ 
panel ribs for transmitting shear force. For panels of Types 1, “a 
2, 3, or 4, for example, when used without closure angles to transmit shear, j 
- prorating | would not be valid, since the stiffness of the panel ribs in resisting — 4 
bending caused iby shear would be more nearly proportional to 0 the third = 
the thickness, whereas the strength | of the welds and performance of the 
_—_ - diaphragm as a whole would still be in the first power. No direct relation 

Effect of Acoustic Perforations .—Certain manufacturers provide panels with 

a sound- absorbing © element, which, with a perforated panel bottom | . 

; makes for improved acoustic characteristics of the deck when used as a ceil- a 
ing surface as well as floor or roof deck. The perforations are usually about © 
1/8 in. in diameter, and spaced at about 3/4 in. centers . Although the actual a 
shear stress in the diaphragm web is usually quite low at failure (4,770 psi on e 
the gross section for the most highly stressed system tested at Cornell) the © 

| presence of the acoustic perforations: does increase this: shear stress and 


= Considering the stiffness of the plate in a direction perpendicular + to its own 
plane, _ the presence of the holes increases flexibility in this direction, per- 
4 mitting tension-field type buckling at a somewhat lower load value. This — 


buckling in turn increases weld stresses. _ 

_ Another important effect of perforations is s the attendant difficulty in in 

4 making proper welds, particularly puddle welds in material of 20 gage eld, 
lighter. . With the higher currents necessary for fusion with 1 this type of weld, 
the presence of the perforations tends to cause excessive burning of the light : 5 ; 
gage sheet around the edge of the welds, so that unsatisfactory welds may re- 


‘Test data indicate conclusively lower values of failure load for perforated | < 


4 ‘mine as compared with otherwise identical systems. For example, the 
_ average failure load of unperforated panel tests 58-5 and 58-6 was 2,620 plf, 
while the failure load of the corresponding perforated panel test 58-4 was 
_-—--2,290 pif, a decrease in strength of 13%. The average failure load of unper- _ 4 
! forated panel tests 57-3, 2a, and 57-5 was 1,980 plf, while the corresponding _ 
_ peforated panel test 5a failed at 1,460 plf, a strength decrease of 26%. On the | 
‘4 basis of 1/8 in. holes at 3/4 in. centers, the area reduction in the perforated 


_ Panel Orientation Relative to Load.- —Elementary_ structural theory proves 
- that, in a plate girder or beam web, the shear on the two perpendicular faces x # 
of a small element i is 5 equal i in magnitude and opposite in sign. ‘It follows « direct-— 
= ly “from this that the orientation of the panels. ina diaphragm relative to the 
_ direction of the applied horizontal load does not influence the strength or stiff z: 
a ness of the diaphragm, and that the panels will be equally effective whether | 
they are laid perpendicular or parallel to the load direction. This point was 7 
_ demonstrated by Cornell laboratory tests in 1955, in which, using the three- bay a 
test frame, the panels in one of the outer bays were placed parallel to te 
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‘load direction, while the panels in the sities outer bay were placed pe perpendi- 


cular to the load direction. In all cases the deflection of the third points ell 


_ _In actual building installations, any one of several panel arrangements — 
common, as shown in Fig. 15. Fig. 15(a) shows a roof structure framed with 
_ trusses Spanning in the short direction of the > building between columns in the | 
exterior walls. Light gage steel panels are . frequently used to span directly | 
“4 between trusses as shown by panel “A” inthe sketch. Considering, for example, 


P 2 along. the pw lines, , the to total ‘shear - wall reaction at either end of the 
[A building will be 3P, and the total shear force along all of the panels in the 
_ second bay will be 2P. Making the usual and very close approximation that _ 
vie the pred shear stress can be found by dividing total shear force by web ll 

it shear of 2P/L pounds per linear foot acting on the short 
ends of panel “A, ” Taking moments about any corner of the panel, one obtains | 


the equal unit shear stress” of (2P/L pounte per | linear foot acting | along | the 


 —EzZz easily seen that the corresponding panel “A” in the right half of 
Fig. 15(a), in which purlins have been used spanning between trusses, with 
“panels supported by the purlins, | is likewise loaded along each of its edges 5 
with a unit shear of 2P/L pounds per linear foot. It is evident that the direc- _— 
= of the panel span is of no significance, and that the shear per foot along “a 
any edge of the panel will be 
Fig. 15(b) shows a framing plan more common to multi-story buildings, in 7 
which floor panels are carried by beams which in turn are supported by 
- girders framing to columns, It is easily shown that, as in the sketch previously | 
considered, panel “A” is loaded with a shear of 2P/L plf along the edges par- 
allel with the load direction. The summation of moments about any corner of © 
the | panel requires” an equal unit shear 2P/L pif in the opposite sense 
along the other twoedges ofthe panel, 
If the spacing of supporting steel permits, it is not unusual for floor or- 


p,m ‘roof panels to be continuous | over two ¢ or in some cases three ‘Spans. This 


of Fig. 15 (b) the entire panel is subjected to a constant value of shear, 
a - welds along the intermediate supporting beam can actually be omitted or at 
SS minimized since they carry no computed stress. In the case of Fig. 15(a), 
however, where the left and the right halves of the panel carry different wait. 
_— shear load, it is necessary to weld along the intermediate beam. These welds _ 
Lo need not be of sufficient strength to transfer the entire unit shear into or out 7 
: ot the e panel, as the welds 2 at either end of that panel must be, but need only 
‘Fig. 15(c) shows an installation of a s type only recently (1960) possible, with — 


the marketing by several of the larger manufacturers, of long span light gage 
steel panels, to and ft in leng 


th. In this case intermediate 
building wall. If these panels are ie by a light steel frame, they would — 
be secured at their ends to this frame in the usual manner, and along their 
. It should be noted that, if i 
panels are carried by a masonry wall rather than by a steel frame, and Al 
_ diaphragm action is required, some provision must be made to provide “flange 
by tensile and nd compressive the — walls. & 
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_ Application of Tension Field Theory.—It was observed of 
at gage steel diaphragms tested transformed into the tension field state wa 7 
prior to failure. itt is self-evident that diaphragms using panels of Types 
= 5, 6, and 8, which lack a continuous flat plate element, cannot function 
m4 as part of a tension field web, because accordion action at the ribs prevents 
& transfer of tensile stress across the ribs. It is unlikely also that dia- 
_ phragms using panels of Types 7, 9, and 10 would pass into the tension ~ 
= state, because the close rib spacing has the effect of increasing the | 
eetineas shear buckling stress (at which the web transforms from an ordinary — 
; shear web to a tension field web) above that stress which will result in fail- _ 
_ = ure of other parts of the system. On the other hand, panels of Types 3 and “| 
™ having a continuous flat plate, when appropriately welded along the — 
4 ri essentially — in the plane of that flat plate, and with fairly wide spacing of 
vertical ribs can and do develop tension field conditions. Fig. 16 ‘shows such 
a diaphragm made up of Type 4 panels, which is clearly in the tension field 
a state, although local failure had occurred at the near corner at the time the = 


‘The critical stress” for thin: plates s supported on on four 


ression 


in which fsor ast the critical value of shearing dies that will produce buckling : 4 
pounds per square inch); denotes the constant, equal to 5.4_ for plate 
areas with essentially an infinite aspect ratio of length to width; E is the 
modulus of elasticity; - refers to Poisson’s Ratio, taken equal to 0.3 for 7a 


a steel; t a oe thickness of plate (inches); and w is the width of — 


diaphragm depart the ideal conditions assumed in “the development 
the foregoing expression to a certain extent. The edges of the plate areas 
are not perfectly supported, but have flexible supports along the stiffening — 

_ ribs. In addition the shear load is applied by edge welds that may have some 

citi with respect to the shear-carrying element. Consequently some 

; deviation from the theoretical values should be expected. eee, such 


of magnitude solution, and it must be realized that, once it is established that 7 
such a diaphragm will transform into a tension field, the exact stress at — a 
_ this occurred will be irrelevent as far as determining the ultimate ee 
of the diaphragm is concerned, One can make use of the tension field mery 
determine the diagonal tensile | stresses in the web plate, the load 
seam welds and edge welds, and the load per foot acting inward along the 
cs - marginal beams, which must be resisted by the panel ribs as stiffeners or _ 


by the flexural rigidity of the marginalbeams, 
‘For example, examining the results of Cornell Test 58-4(LS), the com- 
_ puted shear buckling stress for the web plate area bounded by stiffeners and E, 


nd marginal beams was 2,320 psi, or 1,330 lb per ft. The development of = ef 


a diagonal buckling wave pattern seenin Fig. 16 occurred at a shear of 1 150° 
Ib per ft. The small difference between these values is undoubtedly due to the — 
imperfections noted previously. Having established that tension 
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will occur for this mendin diaphragm, one can draw certain conclusions 
regarding the stress in the diaphragm near failure. At the failure load of 67. 3 s " 

= or 2,590 lb per ft, the diagonaltensile stress in the buckled web, assum-— 

complete tension field action, would be equal to twice the value of unit 

7 shear stress “that would be present had the web not buckled. For this case, 
the resulting diagonal | tension at failure is 9,040 psi. From this value, seam _ 


and edge weld loads could readily be computed. 
ee An important characteristic of a tension field girder is that an inward © 


component of force is present along the flanges of the girder, tending to 
pull the flanges together. ‘The function stiffeners in such a web- 


FIG. 16.—CANTILEVER DIAPHRAGM TEST OF TYPE 4 PANELS» ae 

"NOTE DIAGONAL BUCKLING PATTERN. 

act as columns” between 


“The magnitude of load along 
the girder flanges (marginal beams) in readily -adily computed us using the expression 


p12 t ft sin” a 


in which w, is | the load acting inward along the marginal beams. (pounds per 
foot); t refers: to the thickness" of web plate (inches); ‘ft denotes the diagonal ; 
tension stress in the web plate (pounds per square inch); and a is the angle — 
between marginal beam and lines of diagonal tension | (usually taken equal to | 
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a If panels are oriented parallel to the load direction (that is perpendicular to 
the marginal beams so loaded) then the column ribs can be checked for their a 
“capacity to serve stiffeners between flanges to resist this force. If 
panels are oriented perpendicular to the load direction, then no stiffening is 
_ possible from the panels, and the marginal beams themselves must be heavy 
: enough to resist the computed lateral force by suating about the vertical axis. 
. requirement may in effect prohibit the utilization of the tension field 
ig strength of such diaphragms, and might require that the critical shear buck- 
stress be taken as the failure stress for the system 


OTHER APPLICATIONS 


thus apparent that the diaphragm stiffness of roof and 


sing light gage steel panels can be utilized to eliminate unnecessary hori- 
zontal bracing systems and to effect increased economy in building construc 
tion, Innumerable structures have been erected in many areas making use 
of this diaphragm stiffness to resist wind loads, and loads due to earthquake 
— practicing engineer will be quick to note that the characteristics in- _ 
volved in the performance of light gage diaphragms in resisting horizontal 
cr loads are exactly the same as those involved when such diaphragms are called i 7 
upon 1 to prevent the lateral buckling of beams and columns, G, Winter has ile a 
 lustrated' that even relatively weak diaphragm systems will prove to provide 7 
= times the required horizontal resistance to prevent lateral buckling of 
$s, beams and girders ina floor system. The use of inter-beam struts and diagonal © 
a is “hus avoided, and yet the unreduced values of allowable flexural _ 
cs stress can be used. Rigid frames and trusses likewise obtain a condition of 
full lateral support along compressive flanges due to the presence of a pro- | 
es The proper use of light gage oom panels to provide lateral resistance 
- would eliminate a great deal of the bracing usually associated with light steel 4 
frames such as are used for mill buildings. Not only would such —— 
pron full lateral support for the compression chord of the root trusses, but 
prevent the several types of distortion of ‘the building as a 


Another interesting application is in the case of the “frameless” 


buildings is only isla It is apparent that the in-plane shears, longitudinal | 
and transverse, developed by bending of any one of these plate elements in its | 
own n plane, and the edge shears caused by one plate on those ee are lll - 


| 
- i 
il 
‘| 
sto provide resistance to both vertical and horizontal forces. Such “tolded 
plate” structures are coming into considerable popularity in concrete con- 
inter, Proceedings, ASCE, — 
84, No. ST 2, March, 1958, ane 


DIAPHRAGMS 
the: same variety that were considered in the i evonene described, and the 


roof and floor diaphragms. Such tests have proved conclusively 
that constructed of gage steel can, , with 


Shear stress and marginal beam stress in such diaphragms are usually quite 
‘ low, and it will be found that a building which has been properly designed for ; 
vertical loads will function also in diaphragm action with no increase inmem- 
ber or panel sizes, and without exceeding allowable stresses. Special attention © 
‘Must be given to welds joining panels to one another and to supporting steel. 


‘The deflection of light gage steel panel shear diaphragms must be = 
sidered in = avoid damage to the walls that are being apes. This 


a large number of tests of many types of building panels, the actual deflec- 
tion: under load was but a small fraction of that which would be allowed 
under specifications. 
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er sil simply supported on two parallel boundaries, each composed 
of ‘two semi-infinite straight lines meeting atright angles, is uniformly loaded. 
Bending and twisting moments and shears and boundary reactions in the plate 

are determined by finite-difference integration of the corresponding boundary aa 
_ value problem. The penetration into the side strips of the disturbance repre- 

- sented by the corner is shown to be practically negligible at a distance from the 

inner corner of the order of the width of the side strips. 


In modern reinforced concrete design, flat slabs are often used as floors 


buildings leaving an inner ‘rectangular core with sides parallel to the outer 
boundaries of the building. The floor slabs may be either simply supported by 


4 
elastically built-in into ‘the core and the outer walls, thus 


er plate” of widths a and b. (Fig. 1). 
When the sides 1 and 1' of the core are much larger | than the widths a ape a 
the strips, the stresses away from the corner approach asymptotically, the 
; ae for infinite strips of widths a and b, respectively. It will be shown that — . 4 
the stresses due to a uniform load in the corner region of the plate considered — 
simply: supported are rather insensitive to the lengths 1 and 1', so that they may 
computed as land l' were infinite as 


_ Note.—Discussion open until April 1, 1961. To extend the closing date one one ‘month, . 
‘oe request must be filed with the Executive Secretary, ASCE. This paper is part _ 
of the copyrighted Journal of the Structural Division, er uaa of me American So- 

: ciety of Civil Engineers, Vol. 86, No. ST 11, November, 1960. 

“3 Prof. of Civ. Engrg., Columbia Univ. , New York, N.Y., 
er, Cons, Engr., New York, N. Y. 
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‘The reentrant corner of plate introduces in the solution 
of the plate equation, so that shears are infinite there. In practice, these theo- 
retically infinite stresses do not arise, be: they are relieved d by 
The evaluation of stresses and displacements for the corner plate. was ob- 
3 = by numerical methods, using first-order central-difference operators 


‘The indefinite corner of 2is papported onits and 
loaded with a uniform loadq. The Plate de deflections w_ a = by the ve 


=, 


3 4 are ‘equivalent to the conditions: __ 

u(t}. 

lim 
D 


expressing: the fact that the p plate is s bent into cylindrical mestiains th away from 


a 


_ 3 «Theory of Plates and Shells,” by S, Timoshenko and Voshorsky-Krager, McGr sll 
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CORNER IER PLATE. 


in which A is the matrix of the co 


related to M and w by 


‘Is a ‘unit column, 


and X and Y are 


‘The matrices corresponding to n= 2, 4 together with ii cali ing of the 
= pivotal points are given $8, for the ‘b, when bound- 


ary conditions 3 and 4 are used. ot ne 


ste 


=! 


2.84794 | 2.61348 
(14%) | (5%) | 
4.09245 | 3.67044 | 3 
(17%) 
3.04072 | 2.62966 | 2 


— 
— 
— 77931 - 
| 2| 2.09458] 1.56 2.27312) 2, 1.57010] 2.1 1.75831 
|  &§ 12 | 0.95186 2.08621 2.27044 1,56948| 2.17197 175815 
2 | 1.39 1.55 . 2 264 . 2 17176 . 
85/3. 3} 4, '38852| 2. 3, 
— | 15 | 1.42590|2. g5531 2.79037) 4. im 
3 2.369 2 38168 — 
— 
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le 1 gives the values x and of at 1 to9 9 in the corner region 

g ue of Fig. 3 (b) (h = a/4), when boundary conditions 3 and 4 are applied ata dis- 

tance c = 2h, 3h, 4h, 5 h, and 6h from the reentrant corner. It is seen that 

for c/h >2 the maximum difference between any X is less than 1.2%, and _be- 

Sf =—S tween any ¥ value less than 3.4%. For c/h2>4, these differences reduce to 0.5% 
and 2.1%. It is thus seen that assoon as 122 a the deflections and stress re- ~) 

: ‘sultants may be considered practically independent of 1 and equal to those for 


. 
Table 2 gives the values of x and Y at the pivotal points farthest from m the . 


seen that the corner disturbance is less than in the moment M and lees 


than in the displacement as soon as C/ 


ih the m middle of infinite strip 


0. 12500 bs 0. 01562 
0.13024 0.01516 


=) 


— 
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q 

. At the origin (c/n = 6) | 
— 

— 
— 


to evaluate the influence of the ‘spacing on 
the values of X and Y at the origin (center of corner) and at the point farthest _ 
_ from the corner at the middle of the strip were evaluated for c/h = 6, taking n 
= 2 and n = 4. Table 3 shows the results of this computation and the values ob- 1 
tained by h2 extrapolations, together with t the percentage oferror in compari- 
- with the extrapolated values (the values for the cylindrical deflection are a 
= 0.12500, Y = 0.01302 and should be compared with the extrapolated values ae 
6. ag and 0. 01299). It is is seen that the values at the origin obtained withn =4 


FINITE CORNER PLATES — 


; ___ Boundary conditions 3 used in 1 solving the case of the indefinite corner plate 


Ys. Ygen/2 


= 2 Ss. Fig. 5 ‘gives | the ‘dimensions of these plates (for n= 4). 
‘STRESS RESULTANTS 
SS resultants of Eqs. 8 are easily evaluated by means of the pivotal — 
values of M and w using first order central difference operators. The bending — 
‘ = and twisting moments become, (assuming, for simplicity, Poisson’s ratic s ratio equal — 
| 


ch 


_ ‘The principal moments along the diagonal of the corner (Fig. 6) are are given by 


by G, Salvadori M.L. Baron, Prentice-_ 
‘Hall, New York, 1955, p. 
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, ‘Table 4 gives the value of the displacements and ~ the bending n moments at the i 
pivotal points of the network for n = = 4, c/h = 6. 


“aay A. Similarly, the reaction and shear along the outer and inner i are given 
in Table 5. - The: They were means of the following operators: 


x 


the 
X at the outer edge. 
at the inner edge 


assuming W outside = - 


at i ner edge . 


ner 


The total load the is 22. 5 ph’, 
is 23. 7 P h2, 


The of this were onthe IBM computer 

4 of The Watson Scientific Computing Laboratory at Columbia University. The | a 
eS, writers are indebted piiheidiammenind director of the laboratory, for permission — 
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JOHN SHERMAN, F. ASCE. —Appreciationis expressed to Messrs. Eremin 
and Koo for their discussion of this 


ow the portal, “Eq. 24a which gives the value of Xy can be modified as iollows 


_ from which it is seen that x te a measure of the stiffness of the ‘column — 
aga ainst rotation at the bottom ofthe 
: B Basing his objection on the difficulty of obtaining a precise value of H, Mr. — g 
- Eremin does not agree with the statement in the paper that the Tangent For-— | 


= mula is more precise than the Secant Formula. If Mr. Eremin is referring to 
the” Modified Secant Formula then the statement in the paper does not apply 
except academically and the ; same value of H, as shown in Fig. 1, is) used in 
the two formulas, and is readily obtained, _iIf Mr, Eremin is referring to the ns 
"general form of the Secant Formulathen when theframing is complex the same 


difficulties exist in computing | the moments as in the calculation of H, in which 


case the data used in the two formulas has the same degree of preciseness. q 
In the case « secondary stresses in truss members, as all members undergo — 


Eremin states that the paper contained the cases for fixed and pin base 

Es columns, but did not consider the case where the base is partially fixed. The — 
paper did not contain the case of a pin base column which can be readily i 
_ from the differential equation (Eq. 34) by taking Mj and Q to be zero and pro- 


ceeding with the solution. this manner the value of Mg is found to be > 


2u u tan (2 u) 


when the column is fixed at the top, which indicates the lack of rigidity of pin 


* Engr., American Bridge Div., Roanoke, Va, 
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‘meters: at the base and top of the columns respectively the value of My is fou 
x 


+ + Xra) 2 r1 Xr ro 
as and denoting Xr by ‘X, Eq. 58 neue to Eq. 55 by 
_ Mr. Koo for the moment at the top of the column when the base is fixed. Re- 
this procedure, Eq. 58 reduces to Eq. 31b. By interchanging Xr and 
— in Eq. 58 the equation gives the value of Mo. . For small ohimn is u alll 


and indeterminate load which will hold the top of ~ column n directly above the a 
base. This condition does not involve lateral aa 
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Discussion ion by Warner Lansing 
"a _ WARNER LANSING. —It is most important that engineering institutions have ~ 
ey a scene understanding of their new responsibilities pertaining to computers. x 
Mr. Fisher’s hit the mark” very well in 


ee It is easy to agree with Mr. ‘Fisher when he says, in effect, that changes i 
; curricula should be primarily a shifting of accents within courses, rather than 
-~ the introduction of courses devoted to computers per se. To put it a little dif-_ 
ferently, very few engineers, proportionately, become engaged in the actual 
i _ programming of analyses with which they are concerned. On the other hand, y 
at many are required to specify the particular physical problems on which they _ 
are working in such a way that they can be programmed by specialists. In - 


—_— related situation, | an n engineer r may be e required | to state his problem in 


~ that is already available. In either event, this requires a somewhat more —_ 
lytical approach than was developed in the usual undergraduate curriculum of 
the 1940’s and 1950’s; Mr. Fisher indicates that this situation is now — 
New emphasis must be placed on certain mathematical techniques, 
_ fically the numerical solution of differential equations, and matrix methods. = 


again, ‘the analytical necessary to formulate the ‘physical 


on the writer’ S experience one should 
iteration techniques in use for obtaining solutions to simultaneous linear al- 
_ gebraic equations and eigenvalue problems. Granted, they are essential steps _ 
: in many digital computer programs, but once the engineer has mastered the 
o> fundamental concepts, the details can be best left to the professional program- 
; Mr. Fisher m mentions ill- ondbne equations and the related question of 
g =% whether a displacement method or a force method is more suitable for use in _ 
large scale redundant structure analyses. it is interesting to note that both 
= bd methods are used extensively within the aircraft industry, and in some cases, 4 
-evenwithinthe same company, 
ie. The writer has seen the force method used on many aircraft- -structures ; 
t a analysis and can’t recall ever encountering an ill-conditioned equations situa- _ 
= tion, One sets an automatic check on this in most cases, when the design is" 


optimized. After a redundant solution first obtained, stringer areas, skin 


4 April, 1960, by Gordon P, Fisher, 

: 9 Structural Methods Group — Grumman Aircraft Engrg. Corp. ., Bethpage, N, Y. 
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made. If the load distribution were to change drastically, and in an incom- st) ™ 
be the cause; however, the writer has this happen (except as the 
B >" In the case of aircraft structures, there doesn’ t seem to be any clear-cut 
- advantage of the force method over the deflection method, or vice versa. A- ; 
tendency has been noted, however, for stress analysts, who are primarily in- 
terested in stress distributions, to favor one of the force methods. On the 
; “other hand, the dynamic analysts, whose structural interests are confined pri- | 
he _ marily to influence coefficients, usually prefer one of the displacement meth- 
ods. The writer personally believes: that this is due to the fact that stress © 
=e are accustomed tothinking mostly interms of forces and equilibrium, 
while the dynamic analysts aretrained tothink more along displacement lines. 
DF It goes without saying that both stress } distributions and influence coefficients 
may be obtained in a routine fashion by either method. 
_ In actual practice one of the big problems associated with any moderately 
~ complex computer analysis is establishing confidence in the result. After all, 
many things can go wrong—faulty basic equations, faulty program, faulty input — i 
_ data. In general, an examination of limiting cases is the most convincing 2 
_ proach available. Obviously, each situation must be examined on its own x . 
merits, but it does seem that it is not too soon to acquaint the — a. 
his responsibilities along these lines while he is still in school. as 
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0 OF EXTREME IN T 


—In his paper Mr. Thom has developed very soctlestinty 4 
¥ of application of the specialized statistical theory that relates to extreme phe- 
nomena. His interest in the writer’s method of fitting extremes by means of — 
7 order statistics is appreciated even though the attempt to use it was not suc- — 
a oe cessful in the particular application. The writer has learned that another pa- 
per on very § similar matters was not available to the author the time of 


of Type Ill Weibull related to Type II by Mr. Thom, 
_ » © The method used was that first tried by the author converting to TypeI by | 
a means of lagarithms and then using order statistics for estimation. Over 200 — | 
_ distributions were fitted, by the aid of an electronic computer (SEAC), each | i 
based on a set averaging 25 (extreme) observations, and the results were 
_ The author suggests that the reason for difficulty with the method was be- y , 
- Cause the tables did not extend to sufficiently large sub sample sizes. It may 
be pointed out in large ‘samples the averaging of many subgroups of size 6 (to ; 
which the tables are as yet limited) would give estimators that would tend to 
normality, in contrast to behavior in smaller sample sizes. Such 
regularity gives grounds for believing that more difficulty in fitting by this’ : 
~ method ‘may be expected with small than with large samples . Therefore, 4 
_ would be of interest to have had the results of the attempted fit of er 
to shed light on effects of small versus samples. Reais ee ee 


‘Under the heading “Climatological _ Analysis,” Mr. Thom makes the sole 
mention of efficiency | of an estimate, when stating that use by Russian workers 
of the moment estimate for 8, with efficiency of about 60%, wastes 40% ,of the 


“scarce e data. However, the quantities of interest in such meteorological in- | 


are not the } ‘parameters of the distribution, but - certain functions of them. Thus, 
the quantile Xp (where F specifies the quantile - for ' example, F = 0.98 for 

the 0.02 quantile) is related to the parameter f and y by Eq. 27. This sug- 

gests that efficiency of an estimator of the quantile will, in general, ‘depend, 
not only on the efficiencies as regards the peered 6 and % but also on 


which h quantile, F, is being ¢ estimated. 


(April, 1960, by H. Thom, 
Mathematical Statistician, David Taylor } Model Basin, 


ee: il “Statistical Investigation of the Fatigue Life of oneeaiien Ball Bearings,” by J 
‘Lieblein and M. Zelen, Journal of Research of the National Bureau of Standards, Vol, 


No, 5, November, 1956, 2719, pp. 273-316. 


10 


— 
— 
— 
— NITED STATES* 
— 2.4 — 
4 
: 
— 
— 
— 
— — 
— 


z= and are, therefore, often assumed to be near optimum for aeuglen = 
m finite size even though there is then some shrinkage of efficiency away from — ‘i 
Sees (except in special cases). _ However, when the estimate involves a 
quantity as F, then this due to finite samples 


even though slight for ‘This point ‘seem to warrant theoretical 
‘poe if it is essential to have estimators with om and high effici- — 


_ size n = 6 the efficiency of a certain (non maximum-likelihood) estimator of 
— each of the two parameters is about 96% and 77%, and for the 0, 50 - quantile 
it is 99%, whereas for the 0.01 - quantile the efficiency is only 83%. ed ce athe 
Also of interest are Eqs. 14 and 15 which relate (mean) recurrence inter- : i 
_ vals and various-year probabilities. Although complicated looking, they may | 
be ‘simplified to crude rules of t thumb by taking advantage of the fact that large 


st, sO that — 


may be 1 used. Eq. 14 


Ob 


30 


_ For n=3 yr, R= 50, Eq. 29gives Py = 3/50 = 0.06, and for n = 3 yr, Pg = 0.03, q 
: Ea. 31 gives R= : 3/0, 03 = 100, agreeing perfectly with the result of the author’s . 
The fact that this type of analysis produces small probabilities is entirely } 
reasonable, even without reference to” other design factors” as stated by the a 7 
: author. Extreme wind speeds, having recurrence intervals of something like 
100 or 50 yr, are necessarily improbable (though not impossible) of happen- 7 
ing inn = lyr. As one increases the period, n, under consideration beyond n = 1 
the probability « of happening (at least once) during n yr increases’ 
' ing to Eq. 14 but while n is only afew years, the probability still remains small. oe - 
e It is not until n reaches a significant fraction n/R = perhaps 14 or more (by -- 
_ which time, incidentally, Eqs. 30b and 3 31 but not Eq. 30a break down) that the — 


Uafavorablep Pn becomes: ‘appreciable. In fact, for n= Rthe proba- 


oa Thus, the design speed is, on the probability basis, about twice as likely to to be 


exceeded within th the recurrence interval as after it. 


ashington, Note 3053, 1954, 


— 
are usually the ones of intere 
using Eq. 29 again, in reve a 
— 
= 
Wes 
me Value Data,” Natl. Advisory Comm. for Aero, 


confidence for probabilities, under the of 


It would be useful to mention the fundamental National — 


. bs ‘reau of Standards tables on binomial probabilities, 11 even though they could 
not be directly used here because they go only up to n= 49 instead of 60. “The 
_ Introduction to these tables lists others, | one e going up to. n = 150. The ‘graphs 


| 


only other standard graphs relative to the binomial distribution available a are . 
the classical charts,” but these shave been constructed 


‘Series No. 6, Gov’t Printing Office, 1950, 
12 Probability Tables for the Analysis of Extreme-Value Data, ‘Natl. Bur, Standards 


- Appl. Math. Series No, 22, U. S. Government Printing Office, 1953, 


gi 
_ 11 Tables of the Binomial Probability Distribution, Natl, Bur, Standards Appl. Math, _ 4 


— 

7 cel is available in connection with use of Eq. 27. One of the tables (Table — ie de 
“ag aR 2) gives very detailed values for the function -ln (-In F) appearing in this aa Bet 
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CHARTS FOR DESIGN| on: REINFORCED CONCRETE, 
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JAMES R. 14 M. ASCE.— —The design of reinforced ‘concrete 
s - structures using ultimate strength procedures is simpler and more realistic 
_ than the conventional straight line method. At present there are several 
- shortcomings to the method, such as lack of criteria covering bond and diago- 
: = nal tension and the fact that continuous structures are analyzed by | elastic the- a 
_ ories which do not give the true ultimate strength because of stress redistri- 
bution. These deficiencies will probably be overcome shortly, judging from > 


the amount of literature on this subject that has been recently 


_ The authors have presented a series of curves to simplify the design of 


 emare columns for a given thrust and moment. | These curves make the de- 
: _ sign or investigation of square columns unbelievably | simple and as such, the 
authors are to be their contribution to the literature on ulti- 


syne cen with symmetrical reinforcement, by t using the slicing meth- 
od, 15 Basically all that needs to be done is to multiply the ultimate load by | 
> ratio of the depth of the to its new width. carts then can be 


@ May, 1960, W.H. Gardner, Jr. and Donald HH. Kline, 
14 Principal Structural Design Engr, City of Cincinnati, Cincinnati, 
‘15 “Basic Reinforced Concrete Design: Elastic and 1 Creep,” 
= 


— 


— 
—. 
— 
— 
— 
— 
— proportions to obtain 
Ohio, , Ly 
arge, 2nd Ed., 


FOR FATIGUE IN’ TIMBER | STRUCTURES* 


Discussion by Paul G. Fluck and Floyd E E, Schneider 


PAULG. F 
PAUL G. FLUCK.8— -The concise and readable paper by Mr. Lewis is a very 


“gineering find of this type very 


_ definition is correct but the “ “progressive” nature of this | oasis n often = 
2 causes confusion. Before rupture begins, the effect of yepemed loading is not : 


vis FLOYD E. SCHNEIDER.9—The has written an paper pre- 
- senting much factual data. However, all the data that he has presentedis based 
as on tests: of small clear wood specimens while the results obtained on a few 
full size e timbers tested have been quite different. 
largest variance in fatigue testing between the small clear specimens 
and the full size timbers have been the results obtained in horizontal shear. | 
The paper leaves the impression that the present design stresses for a 
are satisfactory for static and repeated loading. The writer would like to point _ 
out that this is not necessarily so, especially in horizontal shear, 
as The S-N curve, Fig. 1, would give the impression that high shear values be 


can be attained under repeated Sontag. The author also states that the — 


a the AAR Laboratory and their resulta indicated that if the shear apuees -~ 

“exceed 150 psi, failure could be expected in less than 2,000,000 cycles. This" ih. 

considerably less than the 340 

a: Due to the fact that the shear strength in wood may not be as high as com- -— 

_ ~ monly thought, ., AREA Committee #7 is requesting a research project to check 7 
a _ ghear and bending f failures on both full-size sawn and laminated timbers under 7 


loading. The investigation is to be conducted at the AAR {Research 


May, 1960, by Wayne C. Lewis, 


8 Prof. of Mech., Univ. of Wisconsin, Wis, 
Engr. of the A. T. & 8. F, il. 
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Center with the cooperation of the National Lumber Manufacturers s Association 
‘ 


nee Another aspect in the paper that should be corrected is that dealing with the 
- “Fatigue of Bolted Joints.” Mr. Lewis says quantitatave values of fatigue are .. 
available because t the report has not been completed; the 
author comments that slippage ofa joint causes a maintenance expen-_ 
&g a “diture and not 3 a loss in strength. A joint that is slipping is certainly not as or 


on n the location of the joint. A ‘slipping joint in some e cases r might be acceptable - it 
: = usually would assume that slipping joints would create a dangerous condi- _ 
_ tion, = should be considered as failed in that they are eee unserviceable. 


a 


nm 10 “Static and Repeated - Load Strength of Bolted Timber Joints, es AREA, Bulletin 


— ie 
— 
| 


« 


of for limit design, the authors include a section con- 
cerning moment and rotation capacities in reinforced concrete, this 


mS ‘section is abbreviated it does illustrate several interesting points. __ 


ry In Eq. 70 the effect of excess steel reinforcement in reducing the ductility. is 
of a beam is clearly illustrated by the single variable qy. , In the usual case, ; 
ay is directly proportional to the steel percentage p so that as the area of the 


steel increases the ratio decreases as the square. For a 


creased steel percentage in a ‘beam will be to reduce the 
tio considerably and thereby reduce the ductility. 
-_Inthe discussion of beams with tension and compression reinforcement 
the equation given for evaluating the ultimate moment capacity, Eq. 
is ; approximately the same as Eq. A3 of the appendix to the ACI Code, assumes oe 
that the compression steel is at the yield point stress level which is not nec- © 
essarily true if the ratio of p’ to pi is “ig + the usual assumption for in- 
_ termediate grade steel is made, fsu = fy, E ‘15 will be undefined for the case i 
where p = y unless Eq. 74 is modified by using f's instead of fy as the co- 
4 efficient of p’. Eq. 74 would then read 


where i. is equal to the actual stress in th compression nil The. ene 
may be determined by a trial and error analysis using an assumed 
crete stress distribution (equivalent r rectangular stress block, trapazoidal, — 
ed parabolic, and so forth) and an assumed depth to the neutral axis ky together _ 
ll the linear strain distribution. The stresses in the tension and compres- _ 
steel are computed, and the tension and compression forces in the 
: = the compression force in the concrete are calculated. _ That value of . 
_ which results in the tension force being equal to the total compression force | - 


is the correct one’ and the value of f's corresponding to this) value of f ky should 
_ Eq. 75 also points out the beneficial effect. of compression reinforcement 
increasing the ductility of a beam. The value of q’ uy will decrease with i 


‘creased percentage of ‘compression r reinforcement the duc- 


wae 1960, by D. T. Wright and C, Berwanger, 
Owings, and Merrill, Chicago, nl. 


— 
— a 
— 
«CF 
— 
— 
— 
7 
- p i's 


The papers in the 

sponsorship is indicated by an abbreviation at the end of each Paper Number, the evmbols referring to: Air 
Transport (AT), City Planning (CP), Construction (CO), Engineering Mechanics (EM), Highway (HW), Hy- 
draulics (HY), Irrigation and Drainage (IR), Pipeline (PL), Power (PO), Sanitary Engineering (SA), Soil Ps Kd 

_ Mechanics and Foundations (SM), Structural (ST), Surveying and Mapping (SU), and Waterways and Harbors 
(WW), divisions. Papers sponsored by the Department of Conditions of Practice are identified by the sym- i 

_ bols (PP). For titles and order coupons, refer to the appropriate issue of “Civil Engineering.” Beginning — 
with Volume 82 (January 1956) papers were published in Journals of the various Technical Divisions. To 
locate papers in the Journals, the symbols after the paper number are followed by a numeral designating — 

_ the issue of a particular Journal in which the paper appeared. For example, Paper 2270 is identified as 
2270(ST9) which indicates that the paper is contained in the ninth issue of theJournal of the Structural 


NOVEMBER: 2241(HY11), 22 22 3(HY11), 2245(HY11), 2246(SA6), | 2247(8A8), 2248 
‘2 Bee 2249SA6), 2250(SA6), 2251(SA6), 2252(SA6), 2253(SA6), 2254(SA6), 2255(SA6), 2256(ST9), 2257(ST9), 


2258(ST9), 2259(ST9), 2260(HY11), 2261(ST9)°, 2262(ST9), 2263(HY11), 2264(ST9), 2265(HY11), s200(RAS), 
2267(SA6), 2268(SA6), 
ECEMBER: 2271(HY12)°, 2272(CP2), 2273(HW4), 2274(HW4), 2275(HW4), 2276(HW4), 2277(HW4), — 
(HW4), 2279(HW4), 2280(HW4), 2281(IR4), 2282(IR4), 2283(IR4), 2284(IR4), 2285(PO6), 2286(POS), 2287 
(P06), 2288(POS), 2289(PO6), 2290(PO6), 2291(POS), 2292(SM6), 2293(SM6), 2294(SM6), 2295(SM8), 2296 
2297(WWw4), 2298(WW4), 2299(WW4), 2300(WW4), 2301(WW4), 2302(WW4), 2303(WW4), 2304(HW4), 

2305(ST10), 2306(CP2), 2307(CP2), 2308(ST10), 2309(CP2), 2310(HY12), 2311(HY12), 2312(PO6), 2313(PO6), 

231A(ST10), 2315(HY12), 2316(HY12), 2317(HY12), 2318(WW4), 2319(SM6), 2320(SM6), 2321(ST10), 
2324(CP2)¢, 2325(SM6)C, 2327(IRA)¢, 2328(PO8)°, 2329(ST10 


FEBRUARY: 2385(CO1), 2356(COl), 2357(CO1), 2358(CO1), 2359(CO1), 2360(CO1), 
Ca Pe 2363(ST2), 2364(HY2), 2365(SU1), 2366(HY2), 2367(SU1), 2368(SM1), 2369(HY2), 2370(SU1), 2371(HY2), 
we 2372(PO1), 2373(SM1), 2374(HY2), 2375(PO1), 2376(HY2), 2377(CO1)°, 2378(SU1), 2379(SU1), 2380(SU1), 
2382(ST2), 2383(SU1), 2384(ST2), 2385(SU1)°, 2386(SU1), 2387(SU1), 2388(SU1), 
MARCH: 2393(IR1), 2394(IR1), 2395(IR1), 2396(IR1), 2397(IR1), 2398(IR1), 2399(IR1), 2400(IR1), 2401(1R1), 
ve 2402(IR1), 2403(IR1), 2404(IR1), 2405(IR1), 2406(IR1), 2407(SA2), 2408(SA2), 2409(HY3), 2410(ST3), 2411 
(SA2), 2412(HW1), 2413(WW1), 2414(WW1), 2415(HY3), 2416(HW1), 2417(HW3), 2418(HW1)°, 241 
2420(WW1), 2421(WW1), 2422(Ww1), 2423(WW1), 2424(SA2), 2425(8A2)¢, 2426(HY3)°, 
APRIL: 2428(ST4), 2429(HY4), 2430(PO2), 2431(SM2), 2432(PO2), 2433(ST4), 2434(EM2), 2435(PO2), 2436 
- (ST4), 2437(ST4), 2438(HY4), 2439(EM2), 2440(EM2), 2441(ST4), 2442(SM2), 2443(HY4), 2444(ST4), 2445 
 (EM2), 2446(ST4), 2447(EM2), 2448(SM2), 2449(HY4), 2450(ST4), 2451(HY4), 2452(HY4), 2453(EM2), 2454 
(EM2), 2455(EM2)°. 2456(HY4), 2457(PO2)°. 2458(ST4)°. 2459(SM2)°. 
MAY: 2460(AT1), 2461(ST5), 2462(AT1), 2463(AT1), 2464(CP1), 2465(CP1), 2466(AT1), 2467(AT1), 2468(SA3),_ 
2469(HY5), 2470(ST5), 2471(SA3), 2472(SA3), 2473(STS), 2474(SA3), 2475(ST5), 2476(SA3), 2477(ST5), 2478 
HYD) 2479(SA3), 2480(ST5), 2481(SA3), 2482(CO2), 2483(CO2), 2484(HY5), 2485(H : 
(CP1)¢, 2488(CO2)¢, 2489(HY5)©, 2490(SA3)°, 2491(ST5)C, 2492(CP1), 2493(CO2). 
JUNE: 2494(IR2), 2495(IR2), 2496(ST6), 2497(EM3), 2498(EM3), 2499(EM3), 2500(EM 
2 (EM3), 2503(PO3), 2504(WW2), 2505(EM3), 2506(HY6), 2507(WW2), 2508(PO3), 2509(ST6), 2510(EM3),2511 
 (EM3), 2512(ST6), 2513(HW2), 2514(HY6), 2515(PO3), 2516(EM3), 2517(WW2), 2518(WW2), 2519(EM3), 2520 
(POS), 2521(HY6), 2522(SM3), 2523(ST6), 2524(HY6), 2525(HY6), 2526(HY6), 2527(IR2), 2528(ST6), 2529 


2541(ST7), 2542(ST7), 2543(SA4), 2544(ST7), 2545(ST7), 2546(HY7), 2547(ST7), 2548(SU2), 2549(SA4), 
2550(SU2), 2551(HY7), 2552(ST7), 2553(SU2), 2554(SA4), 2556(8A4), (2557(SA4), 
-2559(ST7), 2560(SU2)°, 2561(SA4)°, 2562(HY7)°, 2563(ST7)°. 
JGUST: 2564(SM4), 2565(EM4), 2566(ST8), 2567(EM4), 2569(P04), 2570(HY8), 2571(EM4), 
-2572(EM4), 2573(EM4), 2574(SM4), 2575(EM4), 2576(EM4), , 2577(HY8), 2578(EM4), 2579( PO4), 2580 
 (EM4), 2581(ST8), 2582(ST8), 2583(EM4)¢, 2584(PO4)¢, 2585(ST8)°, 2586(sM4)¢, 2587(HY8)¢, 
_ SEPTEMBER: 2588(IR3), 2589(IR3), 2590(WW3), 2591(IR3), 2592(HW3), 2593(IR3), 2594(IR3), 2595(IR3), 2596 
(HW3), 2597(WW3), 2598(IR3), 2599(WW3), 2600(WW3), 2601(WW3), 2602(WW3), 2603(WW3), 2604(HW3), 
 2605(SA5), 2606(WW3) 2608(ST9), 2609(SA5)°, 2610(IR3), 2611(Ww3)°, 26 
OCTOBER: 2615(EM5), 2616(EM5), 2617(ST10), 2618(SM5), 2619(EM5), 2620(EMS), 2621(ST10), 
2622(EM5), 2623(SM5), 2624( EMS), 2625(SM5), 2626(SM5), 2627(EM5), 2628(EM5), 2629(ST 
2630(ST10), 2631(POS)°, 2632(EM5)°, 2633(ST10), 2634(ST10), 2635(ST10)©, 2636(SM5)°. 
NOVEMBER: 2637(ST11), 2638(ST11), 2639(CO3), 2640(ST11), 2641(SA6), 2642(WW4), 2643(ST11), 2644(HY9), 
2646(HY9), 2647(WW4), 2648(WW4), 2649(WW4), 2650(ST11), 2651(CO3), 2652(HY9), 2653(HY9) 
2654(ST11), 2655(HY9), 2656(HY9), 2657(SA6), 2658(WW4), '2659(wwa)¢, 2661(C08), 2662(CO8), 


ive _ 2663(SA6), 2664(CO3)°, 2665(HY9)¢, 2666(SA6)¢, 12)8. 


| 
— — 
— 
— 
— 
— — 
— 
— 
— JANUARY: 2331(EM1), 23%2([M1), 2333(EM1), 2334(EM1), 2335(HY1), ), 2337(EM1), 
2339(HY1), 2340(HY1), 2341(SA1), 2342(EM1), 2343(SA1), 2344(ST1), 2345(ST1), 2346(ST1), 2347(ST1). 
— 
— 
— — 
— 


expires october 1962 


-WAYNE G. HARRA | 
FRED H. RHODES, JR. Ww. BAKER 


BERNHARD DORNBLATT 


FRANCIS 8. 


Se. 


"PROCEEDINGS: oF 
“HAROLD T. LARSEN 
Manager of Publication 


IRVIN J. SCHWARTZ 


WAYNE G. HARRA, Vice- Chairman 


